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Lausanne, October 29th, 2023

Re: Cover letter for my faculty position application

Dear Search Commitee,

I am delighted to apply for the tenure-track position in structural engineering within the Lyles School
of Civil Engineering at Purdue University. Currently, I am a post-doctoral researcher at the Resilient
Steel Structures Laboratory (RESSLab) at École Polytechnique Fédérale de Lausanne (EPFL),
Switzerland. I successfully defended my PhD thesis in April 2022 under the supervision of Prof.
D.Lignos at EPFL, where I received the Outstanding PhD Thesis Distinction in Civil and Environ-
mental Engineering at EPFL. Additionally, I earned my M.Eng in Civil Engineering with summa
cum laude honors from National and Technical University of Athens (NTUA).

My research work to date has primarily focused on promoting instability-free design concepts in
steel structures under extreme seismic loading. Through advanced computational methods, multi-
scale experimentation, and performance-based natural hazards engineering assessment meth-
ods, my work has advanced knowledge on the potential use of stable energy dissipation mecha-
nisms for enhanced performance of steel structures. Moreover, I have experience in the reliability
of distance-heating piping network via multi-scale experimentation and high-fidelity finite element
modeling. In my future academic endeavors, I intend to comprehend the potential damage mech-
anisms that influence the behavior of materials and structures under extreme loading through
physical experimentation across scales. I envision leveraging this knowledge to assess existing
deficient structures, aiming to develop solutions to extend their service life and develop innovative
low-damage systems that promote the deconstruction and reuse of reclaimed structural elements.

Aside from my research activities, I served as a lecturer of the postgraduate course ’Advanced
Steel Design’. I assisted with semester-long projects as part of the graduate courses ’Advanced
Steel Design’ and ’Structural Stability’, while I supervised the research theses of five MSc students.
I currently co-supervise a PhD student.

Purdue University offers excellent experimental and computational facilities to conduct research
in the general areas of structural and earthquake engineering. I believe that my research back-
ground and my teaching and supervising experience, in combination with my eagerness for inter-
disciplinary and multidisciplinary collaborations with other faculty members at USU, make me a
strong candidate for the position.

I would like to take the opportunity to sincerely thank you for considering my application for a faculty
position at Purdue University, and I look forward to hearing from you.

Yours sincerely,

Andronikos Skiadopoulos, PhD
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Skiadopoulos Andronikos, Ph.D Curriculum Vitae 

PERSONAL ΙNFORMATION 

Date of birth 
Nationality 
Phone 
E-mail 
Address 
IDs 

29.11.1993 
Greek 
+41 78 751 02 25 
andronikos.skiadopoulos@epfl.ch 
Chemin de l’Ochettaz 16, CH-1025, St-Sulpice, Switzerland 
Scopus ID: 57221605864; ORCHID: 0000-0002-3813-4325 

EDUCATION 

05.2022- 
present 

Postdoctoral Research Fellow, Civil Engineering 
École Polytechnique Fédérale de Lausanne (EPFL), Switzerland 

• Supervisor: Prof. Dimitrios G. Lignos 

01.2018- 
04.2022 

PhD, Civil Engineering 
École Polytechnique Fédérale de Lausanne (EPFL), Switzerland 

• Thesis: Welded Moment Connections with Highly Dissipative Panel Zones for 
Enhanced Seismic Performance of Steel Moment Frames 

• Supervisor: Prof. Dimitrios G. Lignos 
• PhD defense date: 29.04.2022 
• Outstanding Ph.D Thesis Distinction in Civil and Environmental Engineering (top 8% 

of Ph.D thesis at EPFL within all disciplines): https://www.epfl.ch/education/phd 

/edce-civil-and-environmental-engineering/edce-awards-laureates/ 

09.2011- 
10.2016 

Diploma, M.Eng Civil Engineering (5-year joint degree) 
National Technical University of Athens (NTUA), Greece 

• Thesis: Comparison of Alternative Methods for the Analysis and Design of Steel 
Frames (Grade: 10/10) 

• Supervisor: Prof. Charis J. Gantes 
• Specialization: Structural Engineering 
• GPA: 9.41/10 

HONORS AND AWARDS 

EPFL Outstanding Ph.D Thesis Distinction in Civil and Environmental Engineering, 2023 
Awarded by École Polytechnique Fédérale de Lausanne (EPFL), Switzerland 
Link: https://www.epfl.ch/education/phd/edce-civil-and-environmental-engineering/edce-awards-laureates/ 

Raymond C. Reese Research Prize, 2022 
Awarded by the American Society of Civil Engineers (ASCE) 
For the paper “Proposed Panel Zone Model for Seismic Design of Steel Moment-Resisting Frames” 
Link: https://www.asce.org/career-growth/awards-and-honors/raymond-c-reese-research-prize 

17WCEE Early Career and Student Award, 2021 
17th World Conference on Earthquake Engineering, Sendai, Japan, 2020-21 
For the paper “Improved Panel Zone Model for Seismic Design of Steel Moment Resisting Frames” 
Link: https://www.jaee.gr.jp/jp/event/wcee/assets/dl/index/winners_list.pdf 

Leventis Foundation Scholarship, 2017 
Awarded by A.G. Leventis Foundation, Athens, Greece 

Limmat Foundation Prize for Academic Excellence (3rd among all graduating students), 2016 
Awarded by Limmat Foundation, Zürich, Switzerland 

Scholarship for Extraordinary Achievement (Highest GPA), 2014-15 
Awarded by Sarafis Foundation, N.T.U. Athens 

Scholarship for Highest Nationwide University Entrance Grade in High School, 2011 
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Awarded by Eurobank EFG, “The big moment for education” 

National Mathematics Olympiad Archimedes, 2011 
Merits Awarded by the Hellenic Mathematical Society (H.M.S.) 

JOURNAL PUBLICATIONS 

J.1. Skiadopoulos, A., de Castro e Sousa, A., and Lignos, D. G. (2023). “Experimental investigation and 
residual stress modeling distributions for hot-rolled wide flange steel members.” Journal of 
Constructional Steel Research, 210: 108069. DOI: https://doi.org/10.1016/j.jcsr.2023.108069.  

J.2. Skiadopoulos, A., Lignos, D. G., Arita, M., and Hiroshima, S. (2023). “Full-scale experiments of 
cyclically loaded welded moment connections with highly dissipative panel zones and simplified 
weld details (in press).” Journal of Structural Engineering, American Society of Civil Engineers. 
DOI: https://doi.org/10.1061/JSENDH/STENG-12128.  

J.3. Skiadopoulos, A., and Lignos, D. G. (2022). “Seismic demands of steel moment resisting frames 
with inelastic beam-to-column web panel zones.” Earthquake Engineering & Structural Dynamics, 
Wiley, 51(7), 1591-1609. DOI: https://doi.org/10.1002/eqe.3629. 

J.4. Skiadopoulos, A., and Lignos, D. G. (2022). “Proposed backing bar detail in welded beam-to-
column connections for seismic applications.” Journal of Structural Engineering, American Society 
of Civil Engineers, 148(8), 04022102. DOI: https://doi.org/10.1061/(ASCE)ST.1943-541X.0003374. 

J.5. Skiadopoulos, A., Elkady, A., and Lignos, D. G. (2021). “Proposed panel zone model for seismic 
design of steel moment-resisting frames.” Journal of Structural Engineering, American Society of 
Civil Engineers, 147(4), 04021006. DOI: https://doi.org/10.1061/(ASCE)ST.1943-541X.0002935. 

J.6. Skiadopoulos, A., and Lignos, D. G. (2021). “Development of inelastic panel zone database.” 
Journal of Structural Engineering, American Society of Civil Engineers, 147(4), 04721001. DOI: 
https://doi.org/10.1061/(ASCE)ST.1943-541X.0002957. 

CONFERENCE PUBLICATIONS 

C.1. Skiadopoulos, A., Lignos, D. G., Arita, M., and Hiroshima, S. (2023). “Experimental investigation of 
instability-free welded moment connections with simplified weld details.” 10th National 
Conference on Steel Structures, Athens, Greece: Steel Structures Research Society. 

C.2. Skiadopoulos, A., Elkady, A., and Lignos, D. G. (2023). “Proposed panel zone model for beam-to-
column joints in steel moment resisting frames.” 10th National Conference on Steel Structures, 
Athens, Greece: Steel Structures Research Society. 

C.3. Skiadopoulos, A., de Castro e Sousa, A., and Lignos, D. G. (2023). “Experimental evaluation and 
modeling of residual stress distributions for hot-rolled wide flange steel members.” 10th National 
Conference on Steel Structures, Athens, Greece: Steel Structures Research Society. 

C.4. Skiadopoulos, A., Lignos, D. G., Arita, M., and Hiroshima, S. (2023). “Hysteretic behaviour of 
welded connections with highly inelastic panel zones.” 10th European Conference on Steel and 
Composite Structures (Eurosteel), Amsterdam, Netherlands. 

C.5. Skiadopoulos, A., de Castro e Sousa, A., and Lignos, D. G. (2023). “Proposed residual stress model for 

hot-rolled wide flange steel cross sections.” 10th European Conference on Steel and Composite 
Structures (Eurosteel), Amsterdam, Netherlands. 

C.6. Wen, C., Skiadopoulos, A., and Lignos, D. G. (2023). “Geometric tolerances of welded connections 
with inelastic panel zones.” 10th European Conference on Steel and Composite Structures 
(Eurosteel), Amsterdam, Netherlands. 

C.7. Bijelic, N., Skiadopoulos, A., and Lignos, D. G. (2023). “Surrogate modelling for seismic collapse 
risk assessment of steel moment resisting frames.” Canadian Conference - Pacific Conference on 
Earthquake Engineering (CCEE-PCEE), Vancouver, British Columbia. 

C.8. Skiadopoulos, A., and Lignos, D. G. (2022). “Towards instability-free welded moment 
connections.” 13th International Congress on Mechanics, Patras, Greece: Hellenic Society for 
Theoretical and Applied Mechanics. 
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C.9. Skiadopoulos, A., and Lignos, D. G. (2022). “Seismic stability of steel moment resisting frames 
with inelastic panel zones.” 12th National Conference on Earthquake Engineering (NCEE), Salt Lake 
City, UT, USA: Earthquake Engineering Research Institute. 

C.10. Skiadopoulos, A., Elkady, A., and Lignos, D. G. (2021). “Improved panel zone model for seismic 
design of steel moment resisting frames.” 17th World Conference on Earthquake Engineering 
(WCEE), Sendai, Japan: Japan Association for Earthquake Engineering. 

PATENTS 

P.1. Skiadopoulos, A., Hiroshima, S., Arita, M., Suzuki, Y., Kitaoka, S., and Lignos D. G. “Beam-column 
joint structure (filled).” EU Patent No.: EP23179922.2, European Patent Office, 2023. 

INVITED TALKS 

T.1. Skiadopoulos, A. “Welded moment connections with highly dissipative panel zones for enhanced 
seismic performance of steel moment frames.” Society for Earthquake and Civil Engineering 
Dynamics (SECED), UK, June 14, 2023. URL: https://www.youtube.com/watch?v=fS4yvYqlvXY. 

T.2. Skiadopoulos, A. “Welded moment connections with highly dissipative panel zones for enhanced 
seismic performance of steel moment frames.” Civil Engineering Seminar Series, University of 
California at Davis, California, USA, June 20, 2022. 

TEACHING AND SUPERVISION 

Teaching 

02.2023- 
07.2023 

CIVIL-435, Advanced Steel Design  
École Polytechnique Fédérale de Lausanne (EPFL), Switzerland 

• Graduate course; advanced topics in seismic design of steel structures 
• Course co-instructed with Prof. D. Lignos 

Supervision of Junior Researchers 

09.2022-
present 

PhD Thesis Co-Supervisor 
École Polytechnique Fédérale de Lausanne (EPFL), Switzerland 

• Student: Wen Ce (co-supervised with Prof. D. Lignos) 

02.2023-
07.2023 

Master Thesis Advisor 
École Polytechnique Fédérale de Lausanne (EPFL), Switzerland 

 • Student: Balmer Damien 
• Thesis: Time-history analysis of steel buildings with highly inelastic panel zone 

02.2022-
07.2022 

Master Thesis Advisor 
École Polytechnique Fédérale de Lausanne (EPFL), Switzerland 

 • Student: Bussat Jeremy 
• Thesis: Panel Zone Model for the Seismic Design of Beam-to-Column Joints with 

Hollow Structural Section 

09.2021-
01.2022 

Master Thesis Advisor 
École Polytechnique Fédérale de Lausanne (EPFL), Switzerland 

 • Student: Schipani Carmine 
• Thesis: Development of a Python-Based Simulation Tools Library for Composite 

Steel Concrete Structures 

02.2021-
07.2021 

Master Thesis Advisor 
École Polytechnique Fédérale de Lausanne (EPFL), Switzerland 

• Student: Beqiraj Meriton 
• Thesis: Finite Element Investigation of Stability Bracing Force Demands of Steel 

Moment Resisting Frame Columns under Cyclic Loading 

https://www.youtube.com/watch?v=fS4yvYqlvXY


 

09.2020-
01.2021 

Master Thesis Advisor 
École Polytechnique Fédérale de Lausanne (EPFL), Switzerland 

• Student: Falconi Gabriele 
• Thesis: Influence of Residual Stresses on the Buckling Capacity of Axially Loaded 

Steel Columns 

02.2019-
07.2022 

Master Semester Projects 
École Polytechnique Fédérale de Lausanne (EPFL), Switzerland 

• Fundamental Understanding of Structural Stability Using Educational Tools (1) 
• Design of a Typical Earthquake Resilient Two-Story Steel Building (7) 

(the parenthesis number indicates the number of projects supervised per subject) 

Outreach Activities 

11.2019/2021 

 

High-School Student Thematic Day 
École Polytechnique Fédérale de Lausanne (EPFL), Switzerland 

• Annual high-school student thematic day to engage students in Civil Engineering 
• Hands-on activities involving the design of a building resilient in gravity and seismic loading 

EXPERTISE WORK 

09.2022- 
present 

GeniLac Project by Services Industriels de Genève (SIG) 
École Polytechnique Fédérale de Lausanne (EPFL), Switzerland 

• Fracture mechanics and finite element analysis of distance heating welded concrete steel pipes 

PROFESSIONAL AND VOLUNTEERING EXPERIENCE 

11.2016- 
08.2017 

Engineering Arm of Hellenic Army, Greece 

• Supervision of construction sites of refugee camps 

06.2015- 
09.2015 

Engineering Intern 
HOCHTIEF Polska S.A., Warsaw 

• Supervision of the following contruction cites: Residential Houses JK51 and The 
Business Garden Warszawa Office Complex 

11.2012- 
01.2018 

Founding Member and Website Administrator of the CEE portal of NTUA 
www.mqn.gr, Greece 

• Organized events to promote the CEE portal and ensure funding 
• Counting nearly 150.000 posts, 5.000 topics, 10.000 files and 10.000 users 

SCIENTIFIC REVIEWS 
(Publons: https ://publons.com/researcher/4834847/andronikos-skiadopoulos/) 

• Eartquake Spectra/GRADEVINAR/ASCE Journal of Structural Engineering 

SKILLS 

Languages 

• Greek (Native) 

• English (Fluent, Michigan proficiency certificate, TOEFL Score: 102/120) 

• German (Conventional, Goethe-Zertifikat B1) 

• French (Elementary proficiency, A1-A2) 

Computer Skills 

• MATLAB, Python, Fortran 

• AutoCAD, OpenSees, Abaqus, SAP2000, SOFiSTiK AG, Autodesk Fusion 360, Seismostruct, Plaxis 
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https://publons.com/researcher/4834847/andronikos-skiadopoulos/


Skiadopoulos Andronikos, PhD

Teaching Statement

Experience

Since 2018, when I commenced my doctoral studies, I have served as a teaching assistant and as a lecturer
for the graduate course ’Advanced Steel Design’ (CIVIL-435) at EPFL. As a teaching assistant, my respon-
sibilities included guiding the students with the weekly assignments. Given my experience with the course
material, I had the privilege of delivering several guest lectures dealing with advanced topics in structural
steel seismic and wind design, seismic hysteretic behavior of structural steel components, and seismic be-
havior of conventional and innovative steel lateral load resisting systems. This past year I was officially
appointed as a course lecturer. In this role, I redesigned parts of the course to adapt to my teaching phi-
losophy, while I oversaw course materials, take-home exercises, and the final examination and grading. As a
lecturer, I received positive and constructive feedback from the students. In addition to my role as a lecturer,
I have been heavily involved in the supervision of both semester-long projects (eight in total) as well as more
involved Masters theses (five in total). These projects feature a variaty of topics that span across seismic
design and the fundamental understanding of structural stability and mechanics using hands on educational
tools that enhance the learning experience of the students. Finally, I have been actively participating in
outreach activities of EPFL’s educational center including the design of a more focused material to inspire
high-school and gymnasium students to select Civil Engineering as part of their future career perspective.
The above experiences have considerably enriched my supervising and teaching experience. Moreover, I
appreciate how teamwork could contribute to new research ideas that could potentially lead to publications.

Philosophy

My roles as a teaching assistant and lecturer have afforded me the opportunity to thoroughly examine,
apply, and contemplate teaching techniques that I intend to employ as a future professor. These strategies
enable me to effectively convey essential concepts to my students and foster a classroom environment where
every student can access equal learning opportunities. I have come to recognize that ”learning-by-doing”
and actively involving students in a classroom significantly enhances their learning experience and the ac-
quisition of essential problem-solving skills. To foster an interactive teaching environment, I employ recent
technological developments. Some of these methods involve the utilization of clickers, which not only fosters
student engagement but also provides me with valuable insights into the extent of students’ comprehension
of the course material. Furthermore, I played a key role in the development of an innovative online platform,
which hosts comprehensive structural performance databases, interactive models, and fragility curves for
various structural components (https://resslab-hub.epfl.ch/), and I integrated this platform into my teach-
ing approach. My vision is to extend this initiative to a broader range of interactive tools on structural
mechanics and design. Additionally, I provide students with the chance to review my class presentations
using the online lecture recording system. I consider this to be particularly beneficial for students facing
learning challenges, as it enables them to engage with the course content at their preferred speed. A pivotal
element of my teaching philosophy revolves around fostering interactive relationships among students and
between students and the instructor. To facilitate this, I encourage small group collaborations for both
weekly assignments and semester projects. I provide personalized feedback on assignments and maintain
weekly meetings with students to track their overall progress. This approach has successfully cultivated an
engaging learning atmosphere and strengthened the bond between students and the instructor, resulting in
students’ growing interest in conducting research within our research group. As a professor, I aspire to ignite
in my students the same passion for learning that has kept me in academia.

Courses

Considering my multidisciplinary background, as part of the Purdue University faculty, I am very comfortable
on teaching a wide range of courses that are currently offered at both the undergraduate and graduate
levels. These include Behavior Of Metal Structures, Advanced Structural Steel Design, Structural Stability,
Structural Dynamics, Earthquake Engineering, and Advanced Structural Mechanics. These courses cover
subjects that I am particularly passionate about as they are directly related to my research interests. Looking
ahead, I am interested in developing a course related to performance-based earthquake engineering (PBEE).
In light of the increase in computational power, the advancements in structural modeling, and the need
to design resilient structures against multi-hazards, this topic is becoming increasingly important for the
structural engineering profession. This course will introduce students to the basics of seismic hazard analysis,
regional standards and guidelines related to PBEE, methods for the seismic assessment of new and existing
buildings, retrofitting techniques of existing buildings, and finally the quantification of earthquake-induced
losses. This course would be a valuable addition to the curriculum at Purdue University, in the fields of
seismic design, structural dynamics, and nonlinear analysis.

Lausanne, October 2023 1



Skiadopoulos Andronikos, PhD

Research Statement

Past and Active Research

The overarching goal of my research vision pertains to the development of infrastructure systems resilient
to natural hazards along with the development of new concepts that enable deconstruction and reuse of
reclaimed members after their first use. The above rely on a solid foundation I have built over the past
few years as part of my current research studies that fuse advanced computational methods, multi-scale
experimentation and performance-based natural hazards engineering.

Since 2018, my primary research focus has been on the development of new concepts with emphasis on
the instability-free performance of welded connections under seismic loading. This has been investigated
on several fronts. From a computational standpoint, I developed a mechanics-based model that accurately
predicts the mechanical behavior of shear-dominant joints. This model has been validated by comprehensive
physical experiments fused with high-fidelity nonlinear continuum finite element simulations that rely on
rigorous concepts of fracture mechanics. Consequently, I recently developed a new beam-to-column connec-
tion typology for steel moment frames that defies the current design paradigm. I have leveraged concepts of
performance-based earthquake engineering to demonstrate that steel moment frames featuring such connec-
tions exhibit superior seismic performance by minimizing structural repairs in the aftermath of earthquakes.
In parallel with my computational work, I have gained considerable experience with experimentation across
different scales. These involve experiments both at the material as well as structural scale.

Just recently, as an outcome of my PhD thesis research contributions, I was honored to receive the
2022 Raymond C. Reese Research Prize from the American Society of Civil Engineers. Besides, I highly
regard the contributions of my work to the engineering practice, as part of my work has been effectively
adopted in the European and Canadian seismic design standards. Moreover, I was able to file a joint
patent with EPFL’s technology transfer office and the world’s largest steel-making company. Currently, I
research the development of new micro-mechanics-based models for simulating ductile fracture initiation and
propagation with a wide range of applications including seismic-resistant steel structures as well as distance-
heating welded concrete steel piping networks. My background in reliability analysis and performance-based
engineering allows me to assess both the functionality and safety of complex systems over their service life.

Direction of Future Research

In the coming years, I plan to contribute to new methodological developments for the reliable assessment of
infrastructure systems, as well as the development of design, and retrofitting solutions towards a resilient and
sustainable built environment to natural hazards, such as earthquakes. Current challenges in infrastructure
design for enhanced life-cycle performance require the development of advanced methods for prognosticating
the performance of new and existing materials as well as systems under complex loading and operating
conditions. Thus, I envision my research work on simulation-based engineering science and multi-scale
experimentation to advance knowledge on how key damaging mechanisms compromise a system’s ability
to carry loads and potentially conceive alternative approaches that facilitate enhanced performance and
potential for reusability.

Development of models for assessing aging infrastructure

A major concern associated with aging infrastructure is the increased vulnerability to severe damage (or
collapse) when subjected to extreme loading, such as seismic, blast, and wind. Assessing existing structures
under extreme loads necessitates the development of accurate models that simulate ultimate limit states,
which are mostly characterized by the spread of plasticity, geometric instabilities, and/or fracture. Methods
to simulate all aspects of fracture are still evolving and they are mostly validated at the material scale.
I plan to advance knowledge on predicting fracture due to ultra-low-cycle fatigue of metals with direct
applications on infrastructure systems under extreme loading by acknowledging rate- and temperature-
dependent phenomena that are neglected in available models. Particularly, I am interested in developing
new models for simulating fracture from the initiation phase to the onset of brittle cleavage fracture with
particular emphasis on simulating ductile crack propagation, where there is a lack of well-established models.
To link the developed methods with the performance assessment of existing structures, I intend to establish
relationships between the material properties identified through non-destructive testing and the fracture
parameters of our models using data-driven techniques.
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Initially, the focus will be on structural steel with direct implications on the robust design of large-scale
civil engineering infrastructure, such as steel buildings, bridges, and wind-critical infrastructure that are
subject to fatigue due to extreme loading conditions. More broadly, I am interested in leveraging some of
these methods to other engineering materials for a wider range of applications, including concrete structures,
composite steel-concrete structural systems, and structures utilizing high-strength steel. The development of
the fracture modeling methodology will encompass computational, analytical, and experimental approaches.
While my work within this research area will be more fundamental, I also plan to conduct experiments at the
material scale with customized strain-based loading protocols to validate the models I envision developing.
The tests entail loading schemes to achieve multiaxial stress states that will manifest material characteristics
in the nonlinear regime and will enable reliable calibrations of the envisioned models.

Development of concepts for deconstruction and reuse

The construction sector is widely recognized as a major contributor to global resource consumption, account-
ing for approximately 35% of the world’s total energy consumption, according to the International Energy
Agency. Hence, an increasing need exists among policymakers and stakeholders to embrace responsibility
for the recycling of structural components at the end of their life-cycle. For this reason, I plan to develop
new methods for allowing the deconstruction and reuse of reclaimed structural members after their first use.
Particularly, I aim to develop innovative connection details that facilitate disassembly and reuse in beam-
to-column and beam-to-slab connections for both steel and composite steel-concrete structures. Concerning
beam-to-column connections, I will exploit the beneficial aspects of panel zone shear yielding to minimize
structural damage in beam-to-column connections and potentially limit geometric tolerances when plastic-
ity occurs. A challenge that yet pertains to composite steel-concrete structures regards the separation of
the decking slab from the steel beams. Although research exists on demountable beam-to-slab connections,
available studies mostly conducted static push-out tests to evaluate their performance. However, push-out
tests are not representative of the realistic force and deformation patterns. For this purpose, I plan to
use and potentially expand the Bowen Laboratory of Purdue University to characterize experimentally the
performance of the developed connection details in the subassembly and the system level.

Finally, I plan to combine some of the proposed construction details with concepts on performance-
based engineering to quantify how these could potentially impact the functional recovery of a building in
the aftermath of natural hazards. I foresee the above contributions to be a stepping stone to a sustainable
built environment. While my initial focus will be on steel and composite steel-concrete structures, I intend
to expand the scope of this research to structures made of other construction materials. I anticipate that
my research will be fundamental, while certain aspects of it will provide valuable insights to inform our
engineering design and assessment standards.

Composite steel-concrete systems subjected to extreme loading and climate hazards

Over the past several years, we have witnessed rapid population growth and urbanization. Consequently,
a disproportionate number of people migrate to major cities, thereby creating a greater need for taller
buildings. Additionally, to ensure a sustainable built environment, it is crucial to incorporate the notion of
resilient cities into structural design for seismic and climate hazards. Composite steel-concrete columns are
an excellent choice for high-rise buildings because they efficiently utilize concrete to withstand compressive
axial loads while delaying local instabilities in the restrained steel tube. Moreover, composite steel-concrete
beams offer significantly greater stiffness and strength in comparison to bare beams, which is crucial for
the wind and seismic design of high-rise buildings. One critical concern related to composite steel-concrete
columns is the adverse impact of the differential axial shortening they cause with respect to the concrete
core, and the assessment of the factors influencing this phenomenon.

In high-rise buildings, load path re-distributions could potentially endanger the overall safety of a struc-
ture. For this reason, I plan on conducting system-level experiments by leveraging the hybrid simulation
experimental technique, while incorporating the seismic hazard and the exposure of the construction ma-
terials to high humidity and heat cycles in a time-dependent approach that considers shrinkage and creep
phenomena. I plan to develop a new constitutive law formulation that will capture accurately these time
effects along with plasticity. In this way, I can systematically quantify the contributions of important mech-
anisms that provide lateral load resistance, such as the framing action and floor continuity, which are usually
disregarded in idealized subassembly tests with overly simplified boundary conditions. Furthermore, in keep-
ing with the growing trend of accelerated construction over the last few years, my objective is to explore
modular construction solutions for high-rise buildings, an area where research is currently limited.
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Proposed Panel Zone Model for Seismic Design
of Steel Moment-Resisting Frames

Andronikos Skiadopoulos, S.M.ASCE1; Ahmed Elkady, Ph.D., M.ASCE2; and Dimitrios G. Lignos, M.ASCE3

Abstract: This paper proposes a new mechanics-based model for the seismic design of beam-to-column panel zone joints in steel moment-
resisting frames. The model is based on realistic shear stress distributions retrieved from continuum finite element (CFE) analyses of
representative panel zone geometries. Comparisons with a comprehensive experimental data set suggest that the proposed model predicts
the panel zone stiffness and shear strength with a noteworthy accuracy, even in panel zones featuring columns with thick flanges (thicker than
40 mm), as well as in cases with high beam-to-column aspect ratios (larger than 1.5). In that respect, the proposed model addresses the
limitations of all other available models in the literature. If doubler plates are deemed necessary in the panel zone design, the CFE simulations
do not depict any doubler-to-column web shear stress incompatibility, provided the current detailing practice is respected. Hence, the total
thickness of the column web and doubler plates should be directly used in the proposed panel zone model. The panel zone shear strength
reduction due to the axial load effects should be based on the peak axial compressive load, including the transient component due to dynamic
overturning effects in exterior joints. It is found that the commonly used von Mises criterion suffices to adequately predict the shear strength
reduction in the panel zone. DOI: 10.1061/(ASCE)ST.1943-541X.0002935. © 2021 American Society of Civil Engineers.

Author keywords: Steel moment-resisting frames; Panel zone shear resistance; Beam-to-column connections; Panel zone model; Balanced
design; Doubler plate ineffectiveness.

Introduction

In capacity-designed steel moment-resisting frame (MRF) systems,
a balanced beam-to-column connection design is promoted. In prin-
ciple, the panel zone joint may experience limited inelastic behavior.
A challenge in mobilizing the panel zone in the seismic energy dis-
sipation is the increased potential for premature connection fracture
when improperly detailed (Chi et al. 1997; El-Tawil et al. 1999;
Lu et al. 2000; Mao et al. 2001; Ricles et al. 2000, 2004).

Experimental research (Kim and Lee 2017; Lee et al. 2005; Shin
and Engelhardt 2013) indicates that a properly detailed fully re-
strained beam-to-column joint designed with controlled panel zone
yielding may lead to improved seismic performance compared to
what is perceived as a strong panel zone design (where the panel
zone remains elastic). In particular, data from assembled inelastic
panel zone databases (Al-Shawwa and Lignos 2013; El Jisr et al.
2019; Skiadopoulos and Lignos, forthcoming) suggest that at story
drift demands corresponding to 4% rad, modern fully restrained
beam-to-column connections (AISC 2016a) do not experience

premature weld fractures when their panel zone joints attain shear
distortions up to 10γy (where γy is the panel zone yield shear dis-
tortion angle). Others (Chi and Uang 2002; Ricles et al. 2004)
found that when panel zones exhibit inelastic behavior within a
steel MRF beam-to-column connection, the column twist demands
due to beam plastic hinge formation become fairly minimal. This
issue is prevalent in steel MRF designs featuring deep columns,
which are prone to twisting (Elkady and Lignos 2018a, b; Ozkula
et al. 2017). To reliably mobilize the inelastic behavior of a panel
zone, its shear stiffness and strength should be accurately predicted
during the steel MRF seismic design phase.

Models to simulate the inelastic panel zone behavior in terms of
shear strength, Vpz, and shear distortion angle, γ, are available in
the literature (Fielding and Huang 1971; Kato et al. 1988; Kim and
Engelhardt 2002; Krawinkler 1978; Lee et al. 2005; Wang 1988).
Referring to Fig. 1 and Eq. (1), these models comprise a shear-
dominated elastic stiffness, Ke, up to the yield shear strength,
Vy [Eq. (2)]. This is deduced by assuming a uniform shear stress
distribution in the column web. An inelastic hardening branch with
postyield stiffness, Kp, defines the panel zone’s postyield behavior
up to a shear strength, Vp [Eq. (3)], at 4γy. This strength accounts
for the contribution of the surrounding elements (continuity plates
and column flanges). Finally, a third branch, where the shear
strength is assumed to stabilize, is typically accounted for with
a post-γp slope that is expressed as a percentage of the elastic stiff-
ness, as discussed subsequently:

Ke ¼
Vy

γy
¼ 0.95dc · tpz · G ð1Þ

Vy ¼
fyffiffiffi
3

p · 0.95dc · tpz ð2Þ

Vp ¼ Vyð1þ 3Kp=KeÞ ð3Þ

in which, the panel zone thickness tpz ¼ tcw þ tdp when doubler
plate(s) are present; tcw = thickness of column web; tdp = total
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thickness of doubler plate(s); dc = column depth; fy = steel mate-
rial yield stress; and G = steel material modulus of rigidity. The
bending deformation of the panel zone [Fig. 1(b)] is neglected in
this case.

Krawinkler (1978) proposed the trilinear model (hereinafter re-
ferred to as the Krawinkler model) shown in Fig. 1(c), which has
been adopted in current design provisions with minor modifications
throughout the years (AISC 2016c; CEN 2005). Once the panel
zone yields uniformly at γy, the Krawinkler model assumes that
the column web is not capable of withstanding any additional shear.
Depending on the column cross-sectional profile, its flanges and
continuity plates (if installed) participate in resisting the postyield
panel zone shear demand. Referring to Fig. 1(c), the postyield stiff-
ness, Kp, of the Krawinkler model was derived using the principle
of virtual work for the panel zone kinking locations based on small-
scale subassembly experiments (flange thickness between 10 and
24 mm). Referring to Fig. 1(c), the aforementioned model is valid
up to γp ¼ 4γy. Alternative γp values can be found in the literature.
For instance, Wang (1988) proposed a value of 3.5γy, whereas Kim
et al. (2015) related this value mathematically to a joint’s geometric
and material properties. The post-γp stiffness is usually taken as 3%
of Ke (Gupta and Krawinkler 2000; PEER/ATC 2010; Slutter
1981), an acknowledgment that the shear resistance is only attrib-
uted to material strain hardening. Krawinkler (1978) suggested
that for joints involving stocky columns (flanges thicker than
30–40 mm), further experiments should be conducted to verify the
predicted shear strength of his model.

Considering the assumptions and limitations of this model
(Brandonisio et al. 2012; El-Tawil et al. 1999; Jin and El-Tawil

2005; Kim and Engelhardt 2002; Krawinkler 1978; Lee et al.
2005; Qi et al. 2018; Soliman et al. 2018), several researchers have
attempted to propose more robust Vpz − γ relations. In some of
these studies (Castro et al. 2005; Chung et al. 2010; Han et al.
2007; Kim et al. 2015; Lee et al. 2005), the resultant Vy was more
or less similar to that of the Krawinkler model [i.e., Eq. (2)] exclud-
ing distinct differences in the assumed effective shear area. The
postyield stiffness, Kp, was refined empirically based on available
experimental data. Tsai and Popov (1988) showed that the average
shear stress in the panel zone is 20% lower than the peak shear
stress developed in the panel zone web center, suggesting that
the uniform shear distribution for calculating Vy is unjustifiable
(Charney et al. 2005; Chung et al. 2010; Kim and Engelhardt 2002;
Lin et al. 2000). Kim and Engelhardt (2002) and Lin et al. (2000)
formulated the preceding findings empirically based on limited
experimental data featuring column flange thicknesses less than
35 mm. Other studies leveraged the finite-element method to ex-
amine panel zone inelastic behavior (Hjelmstad and Haikal 2006;
Krishnan and Hall 2006; Léger et al. 1991; Li and Goto 1998;
Mulas 2004), without reaching a consensus on an improved panel
zone model to be used in the seismic design of steel MRFs.

From a design standpoint, panel zone joints may moderately
participate in energy dissipation during an earthquake according to
the North American provisions (AISC 2016b; CSA 2019). The
code-based design shear strength (either the panel zone shear yield
strength, Rn;el, or postyield strength, Rn;pl) is computed based on
the Krawinkler model (i.e., Vy and Vp, respectively). In Japan (AIJ
2012), the panel zone shear strength is computed as per Rn;el AISC
(2016c), with the difference that 1=

ffiffiffi
3

p
is considered instead of the

0.6 factor. However, the panel zone shear demand imposed by
beams is reduced by 25% to implicitly contemplate the neglected
column shear force contribution and the disregarded panel zone
postyield strength. In Europe, CEN (2005) considers the contribu-
tion of a column web in a similar manner with Rn;el. If continuity
plates are present, an additional term is included to compute the
panel zone shear strength. This term is based on the plastic moment
resistance of the column flanges at kinking locations [Fig. 1(a)].

Fig. 2 depicts the analytically derived elastic stiffness, Ke, of
various panel zone geometries with/without doubler plates versus
the measured one, Ke;m, from collected full-scale experiments
(Skiadopoulos and Lignos, forthcoming). In the case of test data
without doubler plates, Fig. 2(a) suggests that common panel zone
models (CEN 2005; Kim and Engelhardt 2002; AISC 2016c)
overestimate Ke by up to 30%. This is attributed to the uniform
yielding assumption at γy along with the depreciation of the panel

Vpz

Vpz

shear

s

dc

db

tcf

tbf

Vpz

Vpz

bending

b

dc

db

tcf

tbf

Vy

Vp

y

Ke

p

Kp

aKe

Vpz

Rn,pl

Rn,el

(a) (b) (c)

Fig. 1. Panel zone kinematics and mathematical model assumptions:
(a) panel zone shear deformation; (b) panel zone bending deformation;
and (c) typical trilinear panel zone model.

(a) (b)

Fig. 2. Comparison of analytically derived, Ke, and measured, Ke;m, panel zone elastic stiffness: (a) test data without doubler plates; and (b) test data
with doubler plates.
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zone bending deformation mode [Fig. 1(b)] depending on the panel
zone aspect ratio and column flange thickness.

Compelling issues with conflicting observations are also found
in cases where doubler plates are utilized to reach a desirable panel
zone shear strength. Depending on the weld details, the doubler
plate efficiency (ratio of shear stresses in the doubler plate to those
in the column web) does not exceed 50% (Kim and Engelhardt
2002); hence, half of their thickness, at most, participates in
connection stiffness and strength. For this reason, the panel zone
model by CEN (2005) accounts for only one doubler plate even when
two plates are required by design. Referring to Fig. 2(b), the data
suggest that Ke, based on CEN (2005), is underpredicted by nearly
20%. Lee et al. (2005) found that doubler plates welded to column
webs by fillets, according to the AISC (2016b) provisions, allow for
excellent stress compatibility between the plates and the column
web. These conclusions are in line with earlier work on fillet-welded
doubler plates (Bertero et al. 1973) and on complete joint penetra-
tion (CJP) welded plates (Ghobarah et al. 1992). More recently,
Shirsat and Engelhardt (2012) showed that the stress compatibility
between column web and doubler plate is lower for deep columns
utilizing thick doubler plates (plate thicknesses tdp ≥ 26 mm).
Referring to Fig. 2(b), the AISC panel zone model that accounts
for both doubler plates (if applicable) generally overestimates Ke.

Fig. 3(a) depicts the deviation of the analytically predicted post-
yield stiffness, Kp (as per AISC 2016c; Lee et al. 2005), from the
measured one, Kp;m, with respect to the column flange thickness,
tcf . For tcf larger than 40 mm, Kp, at a targeted shear distortion
angle of 4γy, is overpredicted by up to 40%, as per the AISC
(2016c) model. Referring to Fig. 3(b), the same observations hold
true for Vp according to the AISC (2016c) panel zone model.
Note that for the cyclic test data, the extraction of the panel zone
measured parameters of interest is based on the average values
of the positive and negative first cycle envelopes, as shown in
Fig. 3(c). The panel zone measured strength at γy and 4γy is, then,
determined, and as such, Kp;m is defined based on these two refer-
ence points. The model by Lee et al. (2005) consistently underes-
timates Kp [Fig. 3(a)] since it was benchmarked with limited data
from assemblies comprising columns with flange thicknesses less
than 30 mm. The Kim et al. (2015) model assumes that the post-
yield panel zone response is controlled by the plastic column flange
bending capacity under normal stresses. However, this assumption,
which is the same as in the CEN (2005) panel zone model, is non-
conservative for steel columns featuring thick flanges (i.e., tcf >
50 mm) [Fig. 3(b)]. These constitute a considerable amount (up
to 40%) of the total shear force.

To capture the interaction of axial load and shear within the
panel zone joint, a reduction factor r ¼

ffiffiffiffiffiffiffiffiffiffiffiffiffi
1 − n2

p
(where n ¼ P=Py,

and P and Py are the applied axial compressive load and axial yield
strength of a steel column, respectively) has been proposed (Chung
et al. 2006;Krawinkler 1978). This is based on thevonMises criterion
(vonMises 1913). This is also consistentwith the Japanese provisions
(AIJ 2012). In the US, a panel zone shear strength reduction is
used according to a fit to the r − n curve, when the panel zone is
designed based on Rn;el (AISC 2016c). Otherwise, if design is based
on Rn;pl, a reduction factor is applied to improbably high axial load
demands (n > 0.75). This tends to overestimate the panel zone shear
strength by nearly 15% for n ¼ 0.5. In Europe, regardless of the axial
demand-to-capacity ratio of the column, the shear resistance is ac-
counted for through a constant reduction factor of 0.9 (Ciutina and
Dubina 2003).

To address the aforementioned challenges, this paper proposes
a mechanics-based panel zone model that could be used for the
seismic design of steel MRF systems. This model is informed
by continuum finite-element (CFE) analyses validated based on

available experimental data. According to the proposed model,
panel zone joints are categorized according to the shear stress evo-
lution in the column web and flanges. Moreover, improved panel
zone shear strength equations that account for realistic stress dis-
tributions within web panels and column flanges at three levels of
shear distortion (γy, 4γy, and 6γy) are proposed. Doubler plate
stress compatibility with the column web is also examined for panel
zone configurations comprising CJP and fillet weld details accord-
ing to current construction practice. The axial load effect on the
panel zone shear strength and stiffness is also examined for both
interior and end columns within steel MRFs in an effort to general-
ize the proposed model.

Mechanics of Panel Zone Behavior through
CFE Analysis

A CFE model is developed to examine the stress profile within
a panel zone joint at various levels of inelastic shear distortion.

(a)

(b)

(c)

Fig. 3. Comparison of inelastic panel zone test data without doubler
plates: (a) Kp=Kp;m versus tcf ; (b) Vp=Vp;m versus tcf; and (c) first
cycle envelopes for panel zone measured shear stiffness and strength
deduction. (Data from Kim et al. 2015.)
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The commercial finite-element analysis software Abaqus (version
6.14-1) (SIMULIA 2014) is used for this purpose. This section
describes the CFE modeling approach and its validation along with
the main panel zone parameters of interest. The CFE model vali-
dation is demonstrated with two full-scale beam-to-column connec-
tion tests. The first test [Specimen UCB-PN3, FEMA (1997)]
features an exterior subassembly with a stocky column (W14 × 257)
and a 900-mm-deep beam (W36 × 150). The second test [Specimen
SPEC-6, Ricles et al. (2004)] features an interior subassembly with
deep members (W30 × 108 beams and a W24 × 131 column). All
members were fabricated from Grade 50 steel (nominal yield stress
fy ¼ 345 MPa).

Description and Validation of CFE Modeling Approach

The CFE model, which is shown in Fig. 4(a), is composed of
20-node quadratic brick elements (C3D20R) with reduced integra-
tion and a maximum dimension of 20 mm. These elements do not
typically experience hourglassing or shear locking effects. To de-
termine the optimum element type and mesh size, a mesh sensitiv-
ity analysis is conducted with four element types (i.e., C3D20,
C3D20R, C3D8, C3D8R). Moreover, local imperfections in the
beams are incorporated according to the first critical buckling ei-
genmode. Web imperfections are deemed critical and are tuned to
an amplitude of db=250, which is consistent with prior related stud-
ies (Elkady and Lignos 2018b). Residual stresses according to
Young (1971) are incorporated into the deep members. For the
W14 × 257 column, the residual stress distribution by Sousa
and Lignos (2017) is adopted. The CFE model captures the
steel material nonlinearity with a multiaxial combined isotropic/
kinematic hardening law (Lemaitre and Chaboche 1990) within
the J2 plasticity constitutive model (von Mises 1913). The input
model parameters are based on prior work by de Castro e Sousa
et al. (2020). Referring to Fig. 4(b), the CJP welds along the perim-
eter of the doubler plate are explicitly modeled. Four plug welds are
simulated with 15-mm fasteners that constrain all six degrees of
freedom. The continuity plates are tied in the column flanges
and the doubler plate. Referring to Fig. 5, the agreement between
the measured and simulated results both at the global (load-story
drift ratio response) and local level (panel zone shear force–shear
distortion response) is noteworthy regardless of the inelastic shear
distortion. As for the UCB-PN3 specimen, the agreement of the
simulated and measured data with regard to the global behavior
is noteworthy [Fig. 5(a)]. In Fig. 5(b), the simulated panel zone
response agrees well with the test data up to an inelastic shear
distortion of 0.5% rad (i.e., second to last loading cycle). After
reviewing the experimental report (Popov et al. 1996), it is found

that the reason for the observed discrepancy between the measured
and simulated panel zone response is the occurrence of beam weld
fracture in the second to last loading cycle. This was not simulated
in the CFE model. Following the occurrence of weld fracture, the
shear demand in the panel zone diminished, thereby decreasing the
associated inelastic shear distortion. This is also confirmed from
the UCB-PN1 specimen, from the same test program, that involved
a nominally identical subassembly with UCB-PN3. However, pre-
mature fracture occurred at a much later loading cycle.

In an effort to expedite computation, a reduced-order panel zone
CFE model is developed, as shown in Fig. 4(c). This model does
not include continuity plates. Instead, a rigid body constraint is
applied at the column’s top and bottom edges (i.e., at the locations
of the beam flanges) to prevent stress concentrations during the im-
posed loading. According to the AISC (2016c) specifications, con-
tinuity plates are deemed necessary when the column cannot
withstand the beam flange concentrated forces. Unlike slender col-
umn profiles, in stocky ones, the column itself is able to sustain the
concentrated beam forces, so continuity plates may be disregarded
(AISC 2016b, Section E3.6f). In addition, the panel zone strength
and stiffness parameters would not be influenced by the presence of
continuity plates. Accordingly, assuming fixed end boundaries is
justifiable in both cases. Out-of-plane displacements and rotations
as well as in-plane rotations are restrained at the panel zone edges.
Hence the panel zone joint behaves as a beam in contraflexure. Re-
ferring to Figs. 5(b and d), the simulated responses based on the
detailed and reduced-order models are nearly identical for the ex-
amined subassemblies. Therefore, the reduced-order panel zone
CFE model is adopted henceforth.

Deduced Panel Zone Performance Parameters

The simulation matrix comprises eight panel zone geometries.
These are designed to have the same Vy with specimen UCB-
PN3, i.e., the column web thickness and depth are kept constant.
The varied geometric parameters are the panel zone aspect ratio,
db=dc, the column flange width, bcf , and the column flange thick-
ness, tcf . The first two parameters are chosen to examine the effect
of the bending deformation mode on Ke, whereas tcf is chosen to
examine the influence of the column flange thickness on the panel
zone shear strength. The panel zone models are subjected to mon-
otonic inelastic shear distortions up to 6γy.

Fig. 6 shows the primary panel zone performance parameters of
interest. The elastic panel zone shear stiffness, Ke, is deduced from
the elastic branch slope of the Vpz − γ behavior. The yield strength,
Vy, is deduced based on the yield initiation according to the von
Mises criterion (von Mises 1913) in the panel zone center.
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Fig. 4. Detailed and reduced-order CFE models: (a) detailed CFE model; (b) doubler plate detailing; and (c) reduced-order CFE model.
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Finally, the postyield panel zone shear strength is deduced at two
representative shear distortion levels, 4γy (Vp) and 6γy (V6γy ). The
latter is considered, since there may be appreciable reserve shear
strength attributed to the column flange contribution along with
strain hardening due to column web shear yielding.

Discussion

Fig. 7 shows a comparison of representative CFE simulations for
various panel zone aspect ratios, db=dc, and the predicted behavior
according to the Krawinkler model. As expected, the figure
suggests that the deviation of the predicted elastic stiffness, Ke

[Eq. (1)], the yield strength, Vy [Eq. (2)], and the postyield strength,
Vp [Eq. (3)], from the CFE results may be appreciable depending
on the panel zone aspect ratio and the column flange thickness.
In particular, for slender panel zones (i.e., db=dc ¼ 1.5 and

tcf ¼ 24 mm) the measured elastic stiffness is about 30% lower
than the predicted one since the Krawinkler model neglects the
bending contribution [Fig. 1(b)]. However, for stocky and shallow
panel zones with an aspect ratio of one and thick flanges
(tcf ≅ 50 mm), where the shear deformation mode is dominant,
the Krawinkler model predicts Ke reasonably well, though the
panel zone stiffness is still underpredicted by 10%–15% owing
to the assumed effective shear area (Charney et al. 2005). The same
observations hold true for Vy. The Krawinkler model overestimates
Vp by more than 20% for stocky and shallow panel zones. For the
cross-sectional range that the same model was calibrated for, the
postyield shear strength is only overestimated by up to 10%.

The aforementioned deviations can be justified by examining
the stress distributions within the panel zone. Fig. 8 shows the shear
stress distributions for two characteristic panel zone geometries,
normalized by the yield shear stress, τ y (τ y ¼ fy=

ffiffiffi
3

p
), at a shear

distortion angle equal to γy, 4γy, and 6γy. The shear stress distri-
butions are extracted from the column cross section corresponding
to the beam centerline. Superimposed in the same figure are planes
representing the average shear stress in the column web. Referring
to Fig. 8(a), the common assumption of a uniform shear distribution
in the column web is not rational for slender panel zones, particu-
larly at shear distortions near yielding, whereas the column flange
contribution to shear yielding is indeed negligible.

Referring to Fig. 8(b), stocky and shallow panel zones experi-
ence almost uniform shear stresses in their web regardless of the
shear angle distortion. The contribution of the column flanges to
the attained shear stresses (maximum of 4%τ y) may seem insignifi-
cant for shear distortion levels of γy. However, since the flange area
of stocky cross sections outweighs that of their web, the resultant
force is significant (15%–40% of the total panel zone shear force,
depending on the shear distortion level).

Fig. 6. Deduced panel zone performance parameters.

(a) (b)

(c) (d)

Fig. 5. Comparison of CFEmodel prediction and test data: (a) load–story drift ratio (data from FEMA 1997); (b) load–panel zone shear distortion (data
from FEMA 1997); (c) load–story drift ratio (data from Ricles et al. 2004); and (d) load–panel zone shear distortion (data from Ricles et al. 2004).
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Proposed Panel Zone Model

Panel Zone Elastic Stiffness

The proposed panel zone elastic stiffness, Ke [Eq. (4)], is derived
based on both shear and bending deformation modes, as shown in
Fig. 1. The shear mode is accounted for based on Eq. (5). The bend-
ing mode is deduced based on the elastic stiffness (in terms of
Vpz − γ relation) of a beam in contraflexure, according to Eq. (6):

Ke ¼
Vpz

γ
¼ Ks · Kb

Ks þ Kb
ð4Þ

Ks ¼ Av · G ¼ tpz · ðdc − tcfÞ · G ð5Þ

Kb ¼
12 · E · I

d3b
· db ð6Þ

The proposed model assumes a panel zone shear strength
equilibrium instead of shear deformation compatibility. Therefore,

Krawinkler (1978) simulation data
solid lines: stocky and shallow panel zone
dashed lines: slender panel zone

Fig. 7. Representative CFE analysis results with varying web panel zone aspect ratio and column flange thickness.

Shear stress distribution at Shear stress distribution at 

Shear stress distribution at 4 Shear stress distribution at 4

Shear stress distribution at Shear stress distribution at 

(a) (b)

Fig. 8. Shear stress distributions at γy, 4γy, and 6γy for slender and stocky and shallow panel zones: (a) slender panel zone (i.e., db=dc ¼ 1.5 and
tcf ¼ 25 mm); and (b) stocky and shallow panel zone (i.e., db=dc ¼ 1.0 and tcf ¼ 50mm).
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the proposed panel zone stiffness is computed based on Eq. (4)
by considering the two deformation modes in series (i.e., γ ¼
γshear þ γbending) (Fig. 1). In Eqs. (4)–(6), I is the second moment
of area of the column cross section (including the doubler plate
thickness, if any) with respect to the column’s strong axis, and
Av is the effective shear area according to Charney et al. (2005).
Although other panel zone models (AISC 2016c; Fielding and
Huang 1971; Kato et al. 1988; Lui and Wai-Fah 1986; Mulas 2004)
assume an effective depth, deff ¼ dc, the panel zone shear stiffness
(and strength) tends to be overestimated by about 10% for stocky
column cross sections (tcf > 40 mm) based on the foregoing
assumption. Note here that the second moment of area, I, refers to
that of the full column cross section. Other researchers who at-
tempted to address the bending deformation mode issue (Kim
et al. 2015) accounted for the column flange deformation mode
independently of the column web.

Panel Zone Shear Strength

To predict a realistic yield and postyield panel zone shear strength,
the shear stress distributions in the panel zone from Fig. 8 are
employed. The panel zone shear force, Vpz, at a distortion, γ,
may be approximated by Eq. (7), where Vf is the shear force re-
sisted by a single column flange, and Vw is the shear force resisted
by the column web. In turn, Vf may be assumed to be proportional
to the ratio of the column flange stiffness, Kf , to the panel zone’s
elastic stiffness, Ke, according to Eq. (8). The column flange stiff-
ness may be computed using Eq. (9) by considering both shear
and bending deformation modes, as depicted by Eqs. (10) and
(11), respectively:

Vpz ¼ 2Vf þ Vw ð7Þ

Vf ¼ ðKf=KeÞ · Vpz ð8Þ

Eq. (10) assumes a uniform shear stress distribution in the col-
umn flanges, while Eq. (11) assumes contraflexure deformation
with respect to the weak axis of the column flanges:

Kf ¼ Ksf · Kbf

Ksf þ Kbf
ð9Þ

Ksf ¼ 2 · ðtcf · bcf · GÞ ð10Þ

Kbf ¼ 2 ·

�
12Eðbcf · t3cf=12Þ

d3b
· db

�
ð11Þ

In the preceding equations, the Kf=Ke ratio provides an esti-
mate of the panel zone shear force resisted by the column flanges.
In particular, Fig. 9(a) shows how Kf=Ke influences the deduced
Ke for the examined panel zone geometries discussed earlier. In the
vertical axis, these parameters are either predicted by the proposed
or the Krawinkler model. The predicted stiffness, Ke, is normalized
by the Ke;m deduced from the CFE results. The dashed line at an
abscissa value of 1.0 represents the ideal agreement between the
virtual tests and the analytical model predictions.

Referring to Fig. 9(a), the proposed panel zone stiffness from
Eq. (4) shows improved accuracy over the Krawinkler model, par-
ticularly for slender panel zone geometries (Kf=Ke < 0.02). For
stocky and shallow panel zone geometries (Kf=Ke > 0.07), the ef-
fective area limitation as per Charney et al. (2005) leads to at least
the same accuracy as the Krawinkler model since the bending
deformation mode is negligible.

Fig. 9(b) shows the normalized postyield panel zone stiffness,
Kγi , at various shear distortions (i.e., 4γy, 5γy, and 6γy) with re-
spect to Kf=Ke. The Kγi is deduced from the tangential slope of the
Vpz − γ relation. Note that beyond 4γy, the tangent stiffness is used
to provide a consistent comparison with the constant 0.03Ke post-
4γy that has been historically assumed in the literature (Gupta and
Krawinkler 2000; Slutter 1981). This figure suggests that at 4γy,
the postyield panel zone stiffness reaches 0.07Ke, whereas at
6γy it attains 0.04Ke. The Kγi=Ke, at 4γy, of stocky and shallow
panel zones (Kf=Ke > 0.07) doubles compared to slender ones.
Consequently, the empirical post-4γy stiffness of 0.03Ke (Gupta
and Krawinkler 2000; PEER/ATC 2010; Slutter 1981) is irrational
for most panel zone geometries. Instead, the panel zone shear
strength at a shear distortion angle of 6γy should be used with Vp
to define the corresponding slope. This may also be more effective
for optimal balanced design of beam-to-column joints in capacity-
designed steel MRFs. Large panel zone shear distortions may raise
concerns regarding localized deformations, consequential implica-
tions for system level response, and increased potential for weld frac-
tures (Chi et al. 1997; El-Tawil et al. 1999; Lu et al. 2000; Mao et al.
2001; Ricles et al. 2000, 2004). However, experimental data from
recently compiled databases with over 100 post-Northridge bare
steel and composite-steel beam-to-column connections (El Jisr
et al. 2019; Skiadopoulos and Lignos, forthcoming) that exhibited
inelastic behavior in their web panels did not experience premature
fracture, even at inelastic shear distortions up to 10γy, as discussed
earlier.

The panel zone shear strength can generally be computed using
Eq. (12) by summing up the surface integral of the shear stresses
along the panel zone’s web and flange areas. A realistic shear stress
distribution should be deduced at a given shear distortion level for

(a) (b)

Fig. 9. (a) Deviation of predicted Ke from measured Ke;m with respect to Kf=Ke; and (b) normalized panel zone stiffness at representative shear
distortion levels with respect to Kf=Ke.
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this purpose. Given the discrete finite-element mesh, the surface
integral in Eq. (12) can be replaced by the double summation of
the shear stresses as given by Eq. (13):

Vpz ¼
Z
A
τdA ¼

Z
Aw

τdAw þ 2

Z
Af

τdAf ð12Þ

The parameters aw and af, introduced in Eq. (13), represent the
shear stress of each element in the column web and each flange,
respectively, normalized by the shear stress at yielding, τ y. In these
equations, the yield stress of the web and flanges is assumed to be
the same. Since the column flanges and web element size was kept
constant in the CFE model, Eq. (13) can be rewritten as in Eq. (14):

Vpz ¼
fyffiffiffi
3

p ·
Xdc=2
−dc=2

Xtcw=2
−tcw=2

awðx; yÞδxδy

þ fyffiffiffi
3

p · 2
Xbcf=2

−bcf=2

Xtcf=2
−tcf=2

afðx; yÞδxδy ð13Þ

Vpz ¼
fyffiffiffi
3

p ·
dc · tcw
Nw

·
Xdc=2
−dc=2

Xtcw=2
−tcw=2

awðx; yÞ

þ fyffiffiffi
3

p · 2
ðbcf − tcwÞ · tcf

Nf
·
Xbcf=2

−bcf=2

Xtcf=2
−tcf=2

afðx; yÞ ð14Þ

where Nw and Nf are the number of finite elements of the web and
each flange, respectively. Finally, as per Eq. (15), the panel zone
shear strength can be expressed in terms of aeff [Eq. (16)], which is
the average shear stress within the column flanges or web (i.e., sum
of all stresses divided by the number of elements in a given com-
ponent), normalized by τ y:

Vpz ¼ aw;eff ·
fyffiffiffi
3

p · ðdc − tcfÞ · tcw þ af;eff ·
fyffiffiffi
3

p · ðbcf − tcwÞ · 2tcf
ð15Þ

aw;eff ¼
Pdc=2−dc=2

Ptcw=2−tcw=2 τwδxδy
tcw · ðdc − tcfÞ · τ y

and

af;eff ¼
Pbcf=2

−bcf=2
Ptcf=2

−tcf=2 τfδxδy
tcf · bcf · τ y

ð16Þ

Fig. 10 illustrates the normalized average shear stresses of the
column web and flanges from Eq. (16), as a function of Kf=Ke, at

shear distortions of γy, 4γy, and 6γy. The linear regression curves
for these relationships are superimposed in this figure, and their
statistical values (mean, standard deviation, and coefficient of de-
termination, R2) are summarized in Table 1 for reference. Fig. 10(a)
suggests that, in general, and even for high shear distortions
(γ ¼ 6γy), the influence of Kf=Ke on the column web stress con-
tribution is not significant, as suggested by the mild slope of the
fitted trend lines. Quantitatively, this is expressed by the miniscule
standard deviation values shown in Table 1 at 4γy and 6γy. Accord-
ingly, the average stress of the web at these distortions may be ap-
proximated by a single value regardless of the panel zone geometry.
Referring to Fig. 10(b), when Kf=Ke > 0.07 (stocky panel zones),
the average stress of the column flange is significant for shear
distortions larger than γy. In contrast, for slender panel zones
(Kf=Ke < 0.02), the column flange average stress is negligible;
hence, the column flange contribution to the panel zone shear
strength is not important.

A set of panel zone shear strength equations at γy (i.e., Vy), 4γy
(i.e., Vp), and 6γy (denoted by V6γy ) are proposed in support of the
contemporary seismic design of steel MRFs. According to Eq. (17),
the proposed Vy is as follows:

Vy ¼
½0.58ðKf=KeÞ þ 0.88� · fyffiffi

3
p · ðdc − tcfÞ · tpz

1 − Kf=Ke

¼ fyffiffiffi
3

p · ay · ðdc − tcfÞ · tpz ð17Þ

where ay ¼ 0.9 and 1.0 for slender and stocky panel zones, respec-
tively. Note that for stocky panel zones, Eq. (17) matches the Vy of
the Krawinkler model.

The proposed panel zone shear strength for Vp and V6γy is given
by Eq. (18) along with recommended values for aw;eff and af;eff in
Table 2 directly extracted from representative shear stress profiles
of panel zone geometries. Interpolation may be used for the

(a) (b)

Fig. 10. Normalized average shear stress at γy, 4γy, and 6γy for (a) web; and (b) flange.

Table 1. Statistical parameters for linear regression curves of aeff − Kf=Ke
relationships

Location
Distortion

level Mean
Standard
deviation R2

Web γy 0.91 0.032 0.95
4γy 1.1 0.016 0.94
6γy 1.2 0.015 0.96

Flange γy 0.019 0.011 0.95
4γy 0.063 0.051 0.98
6γy 0.073 0.058 0.97
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corresponding aeff values when the panel zone geometry is neither
slender nor stocky (i.e., Kf=Ke ¼ 0.02–0.07):

Vpz ¼
fyffiffiffi
3

p · ½aw;eff · ðdc − tcfÞ · tpz þ af;eff · ðbcf − tpzÞ · 2tcf�

ð18Þ

Proposed Panel Zone Model Validation

Fig. 11 shows a comparison of the panel zone’s hysteretic response
from characteristic full-scale tests (Ricles et al. 2004; Shin 2017)
and the predicted envelope curve based on the proposed model. For
reference, the AISC (2016c) model is superimposed in the same
figure. The additional third branch slope of 0.03Ke is also consid-
ered beyond Vp (Gupta and Krawinkler 2000; PEER/ATC 2010;
Slutter 1981). The comparisons highlight the superior accuracy
of the proposed model in predicting the panel zone’s shear strength
and stiffness over the AISC model, which consistently overesti-
mates the same quantities by nearly 30%. Moreover, the assumed
0.03Ke stiffness in the third branch is not justifiable for slender
panel zones, as discussed earlier [Fig. 11(a)].

An assembled inelastic panel zone database (Skiadopoulos and
Lignos, forthcoming) comprising specimens without doubler plates
in the panel zone is also used to further validate the accuracy of the
proposed panel zone stiffness and Eq. (18) for both Vp and V6γy .
Referring to Fig. 12(a), the proposed panel zone stiffness matches
the experimental data relatively well. The maximum error is up to
15% and for only two cases. Referring to Fig. 12(b), while the AISC
(2016c) panel zone model does not depict the influence of column
flange thickness, tcf , on Vp, the proposed model is sufficient
regardless of the panel zone geometry. Referring to Fig. 12(c),

same trends hold true for V6γy. Notably, for cross sections with
tcf > 40 mm, the proposed model is remarkably better than the
current state of the seismic design practice.

Effect of Doubler Plates

The impact of utilizing doubler plates and their influence on the
proposed model sufficiency are examined by means of supplemen-
tal CFE simulations featuring shallow and stocky (W14 × 398) as
well as deep (W24 × 131) column cross sections with a one-sided
thick doubler plate (tdp > 40 mm). Table 3 summarizes the virtual
test matrix. It is composed of panel zones in which the doubler
plates are either welded with CJP or fillets to the respective column.
The respective details are shown schematically in Figs. 13(a and b).
Note that the examined welded configurations are consistent with
the current practice (AISC 2016b; AWS 2016). The shallow and
stocky column (W14 × 398) does not necessitate the presence of
continuity plates according to the AISC (2016b) provisions. The
doubler plate thickness is determined by the fillet radii of the col-
umn cross section to avoid welding in its k-area (Lee et al. 2005).
Since for both cross sections the fillet radius, r, used for detailing
equals 33 mm, this leads to a doubler plate thickness of tdp ¼
35 mm (1.375 in.). The corresponding fillet welds have a leg thick-
ness of tw ¼ 48 mm by assuming that the filler metal classification
strength, FEXX ¼ 1.2Fycw (Fycw = yield stress of column web base
material). The calculated fillet weld material thickness satisfies the
AISC (2016b) provisions. The doubler plate yield stress is assumed
to be Fydp ¼ 1.1Fycm. Neither a plug welding nor a horizontal
welding on the top and bottom of doubler plates is necessary
for the examined cases according to AISC (2016b). Either way,
the preceding weld details would have increased the shear stress
compatibility between the doubler plate and the column web.
The column region is modeled with the procedures discussed ear-
lier. The doubler plate, which extends by 0.5db from the beam
flanges, is modeled with quadratic brick elements with reduced in-
tegration (C3D20R). These are used to better capture the stress dis-
tribution through the thickness of the doubler plate. Hard contact,
which allows for separation but not penetration, is used between the
doubler plate and the column web. In turn, the doubler plate is tied
with the welding material, which was modeled explicitly as shown
in Fig. 13.

Three loading histories are used—a monotonic, a ramped
cyclic symmetric (AISC 2016b), and a collapse-consistent loading
protocol (Suzuki and Lignos 2020)—to account for potential

Table 2. Normalized average shear stress values and expressions in web
and flanges based on proposed model

Equation General case

Simplified case

Slender
panel
zone

Stocky
panel
zone

Web (aw;eff) 4γy (Vp) 1.1
6γyðV6γy Þ 1.15

Flange (af;eff) 4γy (Vp) 0.93ðKf=KeÞ þ 0.015 0.02 0.1
6γyðV6γy Þ 1.05ðKf=KeÞ þ 0.02 0.03 0.1

0.03Ke

0.03Ke

(a) (b)

Fig. 11. Comparison of measured and predicted panel zone hysteretic responses: (a) slender panel zone, Kf=Ke ¼ 0.003 (beam: W30 × 108,
column: W24 × 131) (data from Ricles et al. 2004); and (b) stocky panel zone, Kf=Ke ¼ 0.07 (beam: W36 × 150, column: W14 × 398) (data from
Shin 2017).
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accumulation of doubler plate shear stress incompatibility
throughout the loading history. The shear stress incompatibility
between the doubler plate and the column web is quantified based
on the relative difference between the average shear stresses in the
column web, τ̄ cw, and doubler plates, τ̄dp, i.e., ðτ̄ cw − τ̄dpÞ=τ̄dp.

Figs. 14(a and b) show the preceding metric with respect to the
accumulated panel zone shear distortion,Σγ, for deep (W24 × 131)
as well as shallow and stocky (W14 × 398) columns, respectively.
Prior to panel zone yielding (i.e., γy), the stresses in the column
web are higher than those in the doubler plate by 10%–30%, de-
pending on the cross section and the weld specification. However,
once both the doubler plate and the column web yield, the relative
difference in their shear stress demand will be no more than −10%.
This is attributed to the fact that the yield stress of the doubler plate
is deliberately assumed to be 10% higher than that of the column
web. This indicates no evident stress incompatibility between the
doubler plate and the column web.

Referring to Figs. 14(a and b), a CJP weld provides higher shear
stress compatibility (more than 90%) compared to fillet-welded
doubler plates (70%–80% at shear distortions lower than γy). It
is also observed that the relative difference is initially higher for
stocky and shallow columns compared to deep ones. However, after
panel zone yielding, this difference diminishes. This is more appar-
ent in Fig. 14(c) under the collapse-consistent loading protocol, re-
gardless of the examined column cross section. In brief, Fig. 14
suggests that the doubler plate ineffectiveness is not an issue for
beam-to-column connections detailed according to AISC (2016b)
and AWS (2016). For thick fillet-welded doubler plates, if the re-
quirement for very thick fillet welds (so that the stresses exerted by
the column are properly attained by the doubler plate) is met, the
doubler plate(s) and the column web attain fairly similar shear
stresses. Therefore, the total panel zone thickness, including the
double plate(s) (i.e., tpz ¼ tcw þ tdp), may be directly employed
in Eqs. (4), (17), and (18). Fig. 15 illustrates indicative comparisons
between the proposed model and data from full-scale beam-to-
column joints with doubler plates retrieved from the analyzed
inelastic panel zone cases.

The authors are of the opinion that the doubler plate-to-column
web shear-stress incompatibility, which was mostly highlighted
in prior studies on pre-Northridge beam-to-column connections
(Slutter 1981), is attributed to the uncertainty of the welding
material and the weld specifications that were used at that time.
Differences in material properties between doubler plates (e.g., use
of A36 plates) and the corresponding column (e.g., A992 or A572
Gr. 50) could have attributed to some of the reported differences.

Table 3. Virtual test matrix for examination of doubler plate effectiveness

Column Beam

Doubler plate
thickness
(mm)

Welding
type Loading protocol

W14 × 398 W36 × 150 35 CJP Cyclic symmetric
Fillet Monotonic

Cyclic symmetric
Collapse-consistent

W24 × 131 W30 × 108 CJP Cyclic symmetric
Fillet Monotonic

Cyclic symmetric
Collapse-consistent

(a) (b)

Fig. 13. CFE model CJP and fillet weld details: (a) column:
W14 × 398; and (b) column: W24 × 131.

(a)

(b)

(c)

Fig. 12. Comparison of proposed panel zone stiffness and shear
strength at 4γy and 6γy versus measured ones from inelastic panel zone
test data without doubler plates: (a) Ke=Ke;m; (b) Vp=Vp;m; and
(c) V6γy=V6γy;m .
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Effect of Axial Load

This section examines how the axial load should be considered
within the proposed model to design/model inelastic panel zones
in end (exterior) and interior steel MRF beam-to-column connec-
tions. In the former, columns experience axial load variations due to
the transient axial load component. Doubler plates are omitted in
these simulations since this effect was separately examined in the
previous section. Table 4 summarizes the virtual test matrix that
was examined in this case. In brief, a gravity load ratio, Pg=Py,
of 15%, 30%, and 50% is considered for interior columns, whereas
Pg=Py ¼ 15% is assumed for end columns. The first two values are
deemed reasonable based on nonlinear response history analyses
of representative four- and eight-story steel MRF designs (Elkady
and Lignos 2014, 2015) according to current design specifications.

The last gravity load ratio may be representative in existing high-
rise steel MRF buildings designed prior to the 1994 Northridge
earthquake (Bech et al. 2015). The axial load demand variation
in end columns is depicted based on representative loading
histories developed for experimental testing of steel MRF col-
umns (Suzuki and Lignos 2020). In particular, the imposed axial
load demand, P=Py, varies from −10% (tension) to 40% (com-
pression) for the eight-story and from 5% to 25% for the four-
story MRF, as retrieved from Suzuki and Lignos (2020). This is
coupled with the imposed same shear distortion demand as the
interior columns.

According to the AISC (2016c) specifications, no reduction in
the panel zone shear strength will be introduced if it is designed to
attain inelastic deformations (i.e., n < 0.75). If the panel zone was
designed to remain elastic [based on Rn;el from AISC (2016c) spec-
ifications], then a reduction based on the von Mises criterion (von
Mises 1913) would be employed. In prior work by Kim et al.
(2015), it was assumed that the axial load was only sustained
by the column flanges. However, this does not hold true because
the present study suggests that the column web contribution in sus-
taining the axial load demand may be as high as 40%. As such, in
the proposed model, n accounts for the full column cross section
with regard to the axial yield strength calculation. The relative dif-
ference between the panel zone shear resistance with/without the
applied axial load throughout the loading history is computed as
ðVn¼0

pz − Vn>0
pz Þ=Vn¼0

pz to evaluate the influence of the axial load.

Interior Columns

Fig. 16 shows the relative difference in interest versus the accu-
mulated panel zone shear distortion,

P
γ, for the examined

!

(a) (b) (c)

Fig. 14. Relative difference in average shear stresses between doubler plate and column web versus accumulated panel zone shear distortion:
(a) column: W24 × 131—symmetric cyclic protocol; (b) column: W14 × 398—symmetric cyclic protocol; and (c) collapse-consistent protocol.

0.03Ke

0.03Ke

(a) (b)

Fig. 15. Comparison of measured and predicted response of panel zones with fillet- and CJP-welded doubler plates: (a) W24 × 141 column; and
(b) W14 × 398 column.

Table 4. Virtual test matrix for examination of axial load effect

Column Beam
No. of
stories

Joint
location Pg=Py (%)

W14 × 398 W36 × 150 — Interior 15
30
50

4 End 15
8

W24 × 131 W30 × 108 — Interior 15
30
50

4 End 15
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interior columns. In the same figure, a line is superimposed rep-
resenting the relative difference according to AIJ (2012). The two
plots of this figure are not schematically comparable since the
panel zone shear distortion history differs in both cases. Moreover,
owing to the imposed cyclic loading history, the relative difference
reaches zero when the panel zone shear strength reaches zero
as well. It is observed that the vonMises criterion, which is adopted
by AIJ (2012) and AISC (2016c) for elastic panel zone design,
corresponds well to the results regardless of the

P
γ level.

However, for inelastic panel zone design that no reduction in
strength would be applied according to AISC (2016c), the panel
zone shear resistance is overestimated by more than 10% for
Pg=Py >30%, depending on the cross section. However, the afore-
mentioned gravity load ratio range is uncommon in contemporary
steel MRF designs (Elkady and Lignos 2014, 2015; Suzuki and
Lignos 2020).

End Columns

Fig. 17 depicts the reduction in shear strength for both interior and
end column panel zones for an eight-story MRF. It is observed
that applying the von Mises criterion only for the applied gravity
load leads to marginally unconservative results (approximately
10%). Therefore, the panel zone shear strength reduction should
be applied for the absolute peak load ratio P=Py including the
transient axial load component. For a four-story MRF, the panel
zone shear strength reduction is negligible (less than 4%) owing to
the decreased axial load variation in end columns.

Limitations of Present Study

The proposed panel zone model neglects the influence of the
composite action on the panel zone behavior. This is an important
aspect to consider (Castro et al. 2005; El Jisr et al. 2019; Elkady and
Lignos 2014; Kim and Engelhardt 2002). On the other hand, prac-
tical methods to decouple slabs from steel columns/panel zones are
available (Chaudhari et al. 2019; Tremblay et al. 1997). While the
effect of cyclic hardening on the panel zone shear strength was dis-
regarded, during design-basis earthquakes, capacity-designed steel
MRFs are likely to experience modest lateral drift demands
(i.e., 2%); therefore, the panel zone is likely to experience shear
distortions of nearly 4γy, depending on the panel zone-to-beam
relative strength ratio. Cyclic hardening is fairly minor for this
range of shear distortions; thus, the proposed model should predict
fairly well the panel zone shear strength. Moreover, at seismic
intensities associated with low-probability seismic events (i.e., 2%
in 50 years), the steel MRF behavior is expected to be asymmetric
owing to ratcheting (Lignos et al. 2011, 2013). Shake table collapse
experiments (Lignos et al. 2013; Suita et al. 2008) suggest that
panel zone inelastic behavior is fairly similar to that depicted by
the examined collapse-consistent loading protocol. Moreover,
the use of A36 doubler plates with A992 Grade 50 steel columns
was not investigated. While this practice appeared to be a default
choice in pre-Northridge steel MRF designs, the use of A572 Grade
50 doubler plates with A992 Grade 50 steel columns appears to
be the current practice in modern seismic-resistant steel MRFs.
Finally, the proposed model should be further validated for beam-
to-column connections comprising hollow structural columns.

(a) (b)

Fig. 17. Panel zone relative reduction due to axial force versus accumulated panel zone shear distortion for both interior and exterior columns
(eight-story steel MRF): (a) W24 × 131 column; and (b) W14 × 398 column.

(a) (b)

Fig. 16. Panel zone relative difference between panel zone shear strength with/without applied axial load versus accumulated panel zone shear
distortion for interior columns: (a) W24 × 131 column; and (b) W14 × 398 column.
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Summary and Conclusions

This paper presents a new panel zone model for the seismic design
and analysis of beam-to-column panel zone joints in capacity-
designed MRFs. The proposed model, which is developed on
the basis of structural mechanics, reflects the realistic stress distri-
butions within a panel zone joint geometry. These distributions are
extracted from CFE models, which are thoroughly validated to
available experimental data from pre- and post-Northridge interior
and exterior subassemblies. Improved equations are proposed for
predicting the panel zone stiffness and shear strength at discrete
levels of panel zone shear distortion pertinent to the balanced de-
sign of steel MRF beam-to-column joints according to current seis-
mic provisions.

The CFE simulation results underscore that the commonly used
assumption of uniform shear yielding is only valid in panel zone
geometries featuring stocky and shallow column cross sections
regardless of the inelastic shear distortion level.

The elastic stiffness, Ke [Eq. (4)], of the proposed panel zone
model considers both shear and bending deformations based on
shear strength equilibrium within the panel zone. Hence, its perfor-
mance in predicting the elastic stiffness of slender panel zones
(beam-to-column depth ratios db=dc ≥ 1.5) is superior compared
to available models in the literature as well as the ones available
in current seismic provisions.

The proposed equation [Eq. (17)] for the panel zone shear
strength at yield, Vy (i.e., shear distortion of γy), matches that
of the Krawinkler (1978) model for panel zones that are shear
deformation-dominant (i.e., stocky cases) but performs much better
in cases where the bending contribution is significant.

Comparisons with available full-scale test data suggest that
the proposed model predicts the panel zone shear strength, Vp,
[Eq. (18); Table 2], at a shear distortion of 4γy with a noteworthy
accuracy even when panel zones feature columns with relatively
thick flanges (i.e., tcf ≥ 40 mm). The current model in the AISC
(2016c) seismic specifications overpredicts Vp by 20%–50% de-
pending on the panel zone geometry. In that respect, the proposed
model addresses a well-known limitation of available models in the
literature.

The CFE simulations reveal that the commonly assumed value
of 0.03Ke for the stiffness beyond 4γy shear distortions is not jus-
tifiable in most panel zone geometries. This is due to the increased
column flange contribution to the panel zone strength at large in-
elastic shear distortions (γ > 4γy). For this reason, an expression is
proposed to predict the panel zone shear strength, V6γy [Eq. (18);
Table 2], at a shear distortion of 6γy.

Based on the examined cases, it is also found that the doubler
plate to column web shear stress incompatibility does not appear to
be an issue for beam-to-column connections, which are detailed
according to current seismic provisions and detailing criteria (AISC
2016b; AWS 2016). Consequently, neither fillet nor CJP welded
doubler plates should be treated differently either by reducing their
strength or by intentionally accounting for one of the two doubler
plates (i.e., CEN 2005). The authors are of the opinion that the
doubler plate ineffectiveness reported in the literature is mostly due
to weld specifications and construction practices prior to the 1994
Northridge earthquake.

Supplemental CFE simulations suggest that the von Mises cri-
terion (von Mises 1913) may still be used to reduce the predicted
panel zone shear strength for both interior and end columns in steel
MRFs regardless of the employed lateral loading history. The shear
strength reduction should always be based on the peak axial com-
pressive load imposed on the corresponding column, including the
transient axial component due to dynamic overturning effects.
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among the first to identify the importance of the panel zone on
the seismic behavior of steel MRFs in the early 1970s. This study
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possible without it.
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Proposed Backing Bar Detail in Welded Beam-to-Column
Connections for Seismic Applications

Andronikos Skiadopoulos, S.M.ASCE1; and Dimitrios G. Lignos, M.ASCE2

Abstract: The use of prequalified welded unreinforced flange-welded web (WUF-W) beam-to-column connections in capacity-designed
steel moment-resisting frames necessitates the removal of the weld backing bar at the bottom beam flange-to-column flange groove welded
portion. Weld root back gouging and fillet weld reinforcement is also necessary to minimize the fracture potential at this location. This
paper revisits the current detailing of WUF-W connections in order to propose simplifications in their fabrication process by intentionally
keeping a customized beveled backing bar in place without impairing the connection’s ductility under seismic loading. The analysis relies
on traditional fracture mechanics applied in three-dimensional continuum finite element models. The modeling approach is validated with
welded unreinforced flange-bolted web (WUF-B) pre-Northridge connection tests. The results suggest that field-welded connections with
the proposed beveled backing bar reach lateral drift demands of at least 4%–6% rads even when flange groove welds feature a low-
toughness E70T-4 weld electrode, which was typical in pre-Northridge WUF-B connections. Fillet weld reinforced backing bars provide
inferior connection ductility compared to the proposed beveled backing bar. The simulation results from a series of prequalified WUF-W
connections that respect the current seismic design and fabrication requirements, indicate that when the beveled backing bar configuration
is intentionally left in place after completing the complete joint penetration groove welds, WUF-W connections can sustain lateral drift
demands of at least 6% rads prior to fracture regardless of the panel zone strength, the steel beam depth, and the flange thickness of the
respective beam and column. Limitations as well as suggestions for future work are also discussed. DOI: 10.1061/(ASCE)ST.1943-
541X.0003374. © 2022 American Society of Civil Engineers.

Author keywords: Steel moment-resisting frames; Welded beam-to-column connections; Fracture; Continuum finite element modeling;
Beveled backing bars; Inelastic panel zone; Prequalified connections.

Introduction

Comprehensive evaluations in field-welded steel moment-resisting
frame (MRF) buildings prior to 2000 (FEMA 2000b) and corrobo-
rating experimental studies after the 1994 Northridge earthquake
(FEMA 2000a) highlighted a number of issues with regard to
the, admittedly, poor seismic performance of field-welded unrein-
forced flange-bolted web (WUF-B) beam-to-column connections
(FEMA 2000a, b). This connection is shown in Fig. 1(a). Particular
emphasis was placed on the bottom beam flange-to-column flange
groove welded portion, which is shown schematically in Fig. 1(b).

In typical pre-Northridge WUF-B connections, the backing bars
of rectangular shape were often left in place after completing the
beam-to-column complete joint penetration (CJP) groove welds
(FEMA 2000a). These welds were usually realized with self-
shielded flux-cored arc welding (FCAW-SS) with a low-toughness
weld electrode E70T-4. Referring to Fig. 1(c), the backing bar im-
posed a notch condition within the column and/or the beam flanges.

Moreover, an additional crack-like flaw, a0, often penetrated
through the CJP weld root. The depth of this flaw was not uniform
along the beam flange width, as shown schematically in Fig. 1(c). It
maximized in the beam web centerline, where the welding process
was interrupted. The presence of backing bars restricted weld in-
spections for potential flaws that were deemed critical in low-
toughness groove welds at the time. Kaufmann and Fisher (1996)
found that a0 varied between 3 and 10 mm. The backing bar-to-
column flange notch condition [noted as location “L1” hereinafter
as per Fig. 1(b)], together with the high strain demands in the outer
beam bottom flange fiber and the increased triaxial stresses due to
the column web restraint, often triggered crack initiation and frac-
ture at the same location (Mahin 1998; Miller 1998; Yang and
Popov 1995). Fig. 2 highlights a WUF-B connection where the par-
ticular fracture pattern initiated from the bottom backing bar at L1
and penetrated through the CJP weld material.

Referring to Fig. 1(b), discontinuities adjacent to the beam
flange-to-column flange CJP weld of pre-Northridge WUF-B con-
nections often turned into crack-like flaws during the shrinkage of
the weld material that was restrained by the surrounding base metal.
These flaws, which are usually situated in the heat-affected zone
(HAZ), may be located either at the outer and/or the inner flange
fiber (denoted as location “L2” hereinafter). Depending on the ac-
curacy of the nondestructive inspection method, the depth of these
crack-like flaws usually ranges from 0.1 to 0.5 mm (ASTM 2015,
2017, 2018). The increased fracture potential due to the presence of
the presented crack-like flaws together with the inferior base and
weld material toughness requirements of pre-Northridge connec-
tions often lead to fracture that initiated at L2 and propagated
through the CJP weld or the base metal of the beam flange.
However, advancements in welding procedures (AWS 2010) and
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electrode specifications for demand-critical welds (AISC 2016b) in
prequalified beam-to-column connections reduce considerably the
fracture potential at L2.

Krawinkler (1995) found that the inferior through-thickness steel
material properties often lead to fracture due to lamellar tearing in
pre-Northridge connections (denoted as location “L3” hereinafter)
when steel columns featured relatively thick flanges (tcf > 38 mm).
This reflects current practice requirements for nondestructive test-
ing evaluation (AISC 2016b). The inferior through-thickness steel
material properties result from the hot rolling process that transforms
the metal inclusions to thin and long discontinuities parallel to the
base metal longitudinal direction (Miller 2017). These can separate at
a certain amplitude of imposed strain demands, thereby compromis-
ing the overall ductility of the connection. However, structural steel
materials with through-thickness strength and toughness properties,
which are equivalent to those in the longitudinal one, are currently

available (Kanno 2016; Miki et al. 2002). For instance, in Europe,
the through-thickness Z-direction demand, ZEd, determines the
Z-direction material resistance, ZRd, to be utilized (CEN 2004).
In the United States, the use of A913 Gr. 50 or 65 steel is an inter-
esting alternative (Bouchard and Axmann 2000). Therefore, divot
fracture at L3 is unlikely to occur in today’s connections provided
that the presented material requirements are respected.

Finally, the weld access hole geometry of the WUF-B connec-
tion often triggered crack initiation near the toe of the weld access
hole. While there is no apparent initial sharp crack-like flaw in this
area, microvoid nucleation, growth, and coalescence (Kanvinde
2017) often lead to fracture initiation and propagation due to the con-
centration of high plastic strain demands and triaxial stresses. How-
ever, this crack type is stable, and it is not considered to compromise
the overall connection ductility under cyclic loading (Suzuki and
Lignos 2021).

The aforementioned considerations have been articulated in
current standards (AISC 2016a; AWS 2010) and other concerted
efforts (Landolfo et al. 2018) to enhance the seismic ductility of
prequalified field-welded beam-to-column connections. Referring
to Fig. 3, an improved weld access hole geometry is utilized based
on rigorous finite element analysis studies (El-Tawil et al. 2000;
Ricles et al. 2002a). This geometry minimizes the strain localiza-
tion at the toe of the bottom beam flange weld access hole. Detailed
surveys from prior testing in prequalified field-welded connections
suggest that fracture initiation at this location is unlikely to occur at
lateral drift demands prior to 6% rads (Skiadopoulos and Lignos
2021). Moreover, the use of welded-web attachments in prequali-
fied welded unreinforced flange-welded web (WUF-W) beam-to-
column connections (see Fig. 3), which is the primary focus of this
paper, is imperative in an effort to reduce the, arguably large, seis-
mic shear transfer and its prying effects into the beam flanges
(Richard 2003).

In today’s WUF-W connections, the bottom beam flange back-
ing bar should be removed after the completion of the CJP welds.

(a) (b)

(c)

Fig. 1. Welded unreinforced flange-bolted web (WUF-B) pre-Northridge connection: (a) typical configuration; (b) potential locations for crack
initiation; and (c) typical bottom beam flange-to-column flange connection detail and schematic of additional flaw profile along the beam flange
width (data from Paret 2000, © ASCE).

Fig. 2. Fracture pattern observed during the 1994 Northridge earthquake
in a welded unreinforced flange, bolted-web connection. (Image cour-
tesy of Professor Michael Engelhardt, University of Texas at Austin.)
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Weld root back gouging and fillet weld reinforcement (see Fig. 3) is
necessary. Albeit this connection detailing minimizes the fracture
potential (Chi et al. 2000), its fabrication is time consuming,
thereby leading to increased fabrication costs (FEMA 2000a; Miller
2017; Popov et al. 1998). With today’s toughness requirements for
demand-critical CJP welds, which are commonly used in prequa-
lified beam-to-column connections (AISC 2016b), possible built-in
flaws do not necessarily lead to brittle fracture (Shaw et al. 2015). A
thorough review of available experimental data in post-Northridge
connections (Skiadopoulos and Lignos 2021) suggests that fracture
at L2 is unlikely to occur prior to 5%–6% lateral drift demands.
Therefore, cost-effective simplifications during the fabrication of
WUF-W connections for seismic applications may be possible. For
the same reason, similar simplifications have been proposed for
welded base plate connections (Myers et al. 2009) as well as welded
column splices (Shaw et al. 2015; Stillmaker et al. 2016).

In prior work (Chi et al. 2000; Wang et al. 2010; Yang et al.
2019), alternative backing bar configurations were explored in
an effort to reduce the fracture potential at the bottom beam flanges
of WUF-B connections. The general consensus from these studies
was that modified backing bar details may somewhat reduce the
fracture potential relative to that from the use of conventional back-
ing bar geometries. However, the presented studies shared a num-
ber of limiting features. Particularly, these included (1) a single
beam-to-column geometry; and (2) the use of two-dimensional
(2-D) finite element models that generally underpredicted the frac-
ture potential at the bottom beam flange by about 40% (Chi et al.
2000). Particularly, 2-D finite element models do not properly
depict the increased restraint at the center of the beam-flange-to-
column flange joint, increasing the triaxiality and generally leading
to nearly two times higher fracture potential in this location than
that of the beam flange tip (Chi et al. 2000).

Motivated by the above, this paper revisits, through simulation-
assisted engineering, the commonly used practice in field-welded
beam-to-column connections for seismic applications, aiming to
propose potential fabrication detailing simplifications with empha-
sis on weld backing bar details. The proposed methodology, which
features traditional fracture mechanics informed by 3-D continuum
finite element (CFE) analyses, is validated by available pre-
Northridge WUF-B connection full-scale experiments. A custom-
ized backing bar detail is then proposed that, although it is not
removed after the completion of the CJP groove welds, decreases
appreciably the fracture potential in both pre-Northridge and post-
Northridge field-welded connections. In order to substantiate the

findings, several parameters are interrogated, including the panel
zone design distortions, the beam depth, as well as the thickness
of the beam and column flanges. Limitations as well as directions
for future work are discussed.

Methodology

While the focus of this paper is to advance the seismic performance
of post-Northridge WUF-W connections, knowledge and data ac-
quired from prior work on pre-Northridge WUF-B connections are
also of interest. The emphasis is on how to minimize the fracture
potential at location L1. The current weld toughness requirements
and weld practice (AISC 2016b; AWS 2016) for demand-critical
welds, the nondestructive testing evaluation (AWS 2010) along
with the updated weld access hole geometries (AISC 2016a), and
the current base metal technology (Kanno 2016; Miki et al. 2002)
ensure a minimum fracture potential at L2 and L3 and at the toe of
the access hole as discussed earlier. The type of fracture at L1 dictates
the pertinent fracture mechanics method to be employed, which is
informed by CFE analyses. These comprise beam-to-column subas-
sembly global models that do not include a backing bar and sharp
crack-like built-in flaws in the locations of high fracture potential.
These are explicitly considered in carefully developed and validated
submodels, which are informed by the global connection models.
The subsequent sections discuss the primary features of the
employed methodology.

Employed Fracture Mechanics Methods, Primary
Assumptions, and Sensitivity Analyses

The apparent sharp crack-like flaw (referred to as crack hereinafter)
at L1 prohibits the applicability of micromechanics-based models
(Jia and Kuwamura 2014; Kanvinde 2017). Instead, traditional
fracture mechanics methods (Irwin 1961; Rice 1968; Wells 1961)
should be employed. Location L1 is likely to experience relatively
high stress and strain demands, regardless of the relative strength of
the beam with respect to the column panel zone. For panel zone
joints exhibiting highly inelastic shear distortions (e.g., γ > 10 to
12γy, where γy is the panel zone shear distortion angle at yield),
kinking in the panel zone edges may occur (Krawinkler 1978). The
plastic zone is not bounded within the validity region of linear elastic
fracture mechanics; thus, elastic-plastic fracture mechanics methods
reflect a more realistic computation of the fracture potential at L1

Fig. 3. Typical welded unreinforced flange-welded web (WUF-W) prequalified connection detailing.

© ASCE 04022102-3 J. Struct. Eng.
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(Kanvinde et al. 2008; Stillmaker et al. 2016). The same holds true
for beam-to-column connections featuring a strong panel zone
design.

In elastic-plastic fracture mechanics, there are two well-
established fracture metrics; the crack tip opening displacement
(CTOD), which was originally proposed by Wells (1961), and
the J-integral (Rice 1968). Fracture initiation occurs once the com-
puted CTOD or J-integral demand exceeds the respective material
toughness (CTODC and JC, respectively). Referring to Fig. 4(a),
the J-integral (also called the nonlinear energy release rate of a body)
is defined by the change of the potential energy, Π, due to the
extension, da, of a crack. The potential energy of a body is defined
as the difference between the strain energy of the deformation and
the potential energy of the tractions. Therefore, it can be proven that
the J-integral is given by Eq. (1) for the two-dimensional x–y space

J ¼
Z
Γ
ðwdy − Ti

∂ui
∂x dsÞ ð1Þ

where w = strain energy density; Ti = components of the boundary
tractions vector; ui = components of the displacement vector; and
ds = increment along a contour Γ.

Referring to Fig. 4(a), arbitrarily selected contours Γ1 and Γ2 do
not influence the J-integral computation. The J-integral is applicable
to hyperelastic materials (i.e., deformation theory of plasticity), while
it is not valid in materials experiencing irreversible plastic deforma-
tions (i.e., incremental theory of plasticity). However, the commer-
cial finite element analysis software ABAQUS (version 6.14-1)
(ABAQUS 2014) idealizes a steel material undergoing plastic defor-
mations with an equivalent hyperelastic material; hence, the simula-
tion results are deemed reasonable for monotonic loading regardless
of the employed constitutive material law. These considerations hold

true for both two- and three-dimensional problems that include
J-integral computations (Bakker 1984; Brocks and Scheider 2001).

Several pre-Northridge WUF-B connections experienced frac-
ture at L1 prior to the first ground motion reversal (FEMA 1997);
hence, the preceding small loading cycles did not practically influ-
ence the connection behavior. Moreover, shake table testing of steel
MRFs with emphasis on collapse (Lignos et al. 2011, 2013) as well
as tests that quantified the influence of loading history on the hys-
teretic behavior of steel connections (Yu et al. 2000), and their
members (Suzuki and Lignos 2021) suggest that the use of mon-
otonic loading is indicative when ground shaking in the forward
directivity region of a fault rupture is characterized by a large pulse
early in the ground motion history. However, it is recognized that
this is not generalizable in cases where the seismic hazard is char-
acterized by other types of ground motion.

While the stress-strain field in the crack vicinity may not be
accurately represented by CFE analyses, the advantage of using the
J-integral is that the integration along a path, which does not in-
clude that region, provides legitimate results (Brocks and Scheider
2001). Referring to Fig. 4(b), at L1, the J-integral is accurately
computed by a contour that is far away from the crack vicinity
(i.e., CO-6 instead of CO-1). Mesh and contour sensitivity analyses
are, thus, imperative. Unlike the J-integral, the CTOD necessitates
a much finer mesh to accurately estimate the displacement field in
the crack vicinity. Consequently, the J-integral metric is employed
in the subsequent analyses.

The employed CFE software (ABAQUS) utilizes the virtual
crack extension method (deLorenzi 1982; Parks 1977) for the
J-integral computation; hence, the potential crack extension direction
(i.e., q-vector) should be defined. According to Erdogan and Sih
(1963), the crack propagates in the direction of the principal plane.
Assuming that the stress flow is perpendicular to the potential crack

(a) (b)

(c) (d)

Fig. 4. J-integral computation specifics for a typical beam flange-to-column flange connection: (a) contours for J-integral computation; (b) continuum
finite element model contours for the L1 crack; (c) shear stress field of the L1 crack and respective q-vector definitions; and (d) J-integral versus story
drift ratio for different q-vector definitions.
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at L1, the q-vector is parallel to the column’s longitudinal direction;
hence, it represents the mode I fracture mechanism. In reality, the
shear stresses near the crack tip do not lead to principal planes that
are parallel to the crack. Referring to Fig. 4(c) for a representative
crack at L1, the principal plane deviates by about 30° (shown as θq)
from the beam flange-to-column flange interface plane. As such,
in principle, the q-vector should be defined based on these planes.
Fig. 4(d) compares the J-integral evolution at L1 with respect to the
story drift ratio (SDR) for the employed q-vector (i.e., θq ¼ 0°) and
those corresponding to the principal plane angle (i.e., θq ¼ �30°).
The insignificant difference between the J-integral computations of
the examined cases suggests that θq ¼ 0 can be assumed in the CFE.

In welded connections, cracks may form at interfaces between
different materials (e.g., in locations L1 and L2). This poses a chal-
lenge regarding the J-integral path independence at the interface
(Brocks and Scheider 2001). Kolednik et al. (2005) and Simha et al.
(2003) showed that if the bimaterial interface plane is parallel to the
crack plane, the J-integral path independence is respected, assum-
ing that the contours along which the J-integral is computed are
perpendicular to the interface (Smelser and Curtin 1977). This con-
dition is respected for the bimaterial interface between the beam
and column flanges, as shown in Fig. 4(b).

Continuum Finite Element Modeling for Informing
Fracture Mechanics Methods

To reduce the associated computational cost in the CFE analyses, the
node-based submodeling technique of ABAQUS (version 6.14-1)
(ABAQUS 2014) is employed. A global model of a beam-to-column
connection is initially loaded monotonically. Once the analysis is

conducted, nodal deformations of the global model at all degrees
of freedom are applied as boundary conditions in the selected sub-
model nodes, which are common to the global model. The presence
of cracks and weld backing bars influences the deformation field at
the crack vicinity, while their far-field effect is minuscule. This im-
plies that the crack at L1 and the backing bars can be neglected from
the global model, whereas they can be explicitly considered in the
submodel. Consequently, the submodel mesh is much finer than that
of the global model.

In this section, the basic features of the two models are high-
lighted. Particularly, a representative global model is shown in
Fig. 5, together with three submodel variants (noted as submodels
1, 2, and 3). The primary difference between the three submodels is
associated with their boundary conditions. One of the three is se-
lected based on a sensitivity analysis that is discussed later on in
this section.

The global model utilizes twenty-node quadratic elements with
reduced integration (C3D20R) with a characteristic element size
of 15 mm. Local initial geometric imperfections are accounted
for in the steel beams to properly trigger local buckling according
to modeling recommendations by Elkady and Lignos (2018). The
CFE model employs a combined isotropic/kinematic hardening
law (Lemaitre and Chaboche 1990) with consistent input material
model parameters for cyclic metal plasticity, as proposed by de
Castro e Sousa et al. (2020) for A992 Gr. 50 steel (i.e., nominal yield
stress, fy ¼ 345 MPa). Prior studies on the fracture potential of
beam-to-column connections (Chi et al. 2000) have shown that
the role of residual stresses is negligible; hence, they are disregarded
in the context of the present study. The CFE modeling assumptions
for the global CFE model have been thoroughly summarized and
validated in prior studies by the authors (Skiadopoulos et al. 2021).

Fig. 5. Continuum finite element model of a beam-to-column connection; global model and submodel variants.
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The examined submodels constitute 20-node quadratic elements
with reduced integration (C3D20R). The characteristic size for the
J-integral contours near the crack vicinity in the critical region is
0.5 mm (see Fig. 5). The mesh is chosen to be finer over a width of
bcf=4 near the beam web centerline because the J-integral becomes
maximum at this location. The far-field region employs eight-node
quadratic elements with reduced integration (C3D8R) and a char-
acteristic size of 5 mm. The submodels consider cracks of constant
depth, a0, throughout the beam flange width, which is a fairly
conservative assumption [see Fig. 1(c)]. Two crack depths are as-
sumed: 3 mm and 6 mm (Chi et al. 2000; Wang et al. 2010). The
gradual transition from the very fine crack tip mesh to the coarser far-
field mesh is achieved by 10-node tetrahedral elements (C3D10)
as shown in the plane A “cut” of Fig. 5. The element sizes were
determined by a sensitivity analysis in which the relative difference
between simulation results was no more than 1%. These results are
not presented herein due to brevity.

Fig. 6(a) depicts the variation of the J-integral with respect to
SDR under monotonic loading for six different contours (CO-1
to CO-6) near the crack tip. The number of utilized elements for
the computation of the J-integral at each contour is shown in paren-
thesis. For instance, the most approximate to the crack tip contour
(i.e., CO-1) incorporates only four elements in the computations,
whereas contour CO-6, which leads to more accurate J-integral cal-
culations, incorporates 144 elements. For the selected element
types and mesh size, the results converge according to the fifth con-
tour. Hereinafter, the reported results are always extracted from the
sixth contour.

Qualitatively, the global model underestimates the displacement
field nearby the crack vicinity because it neglects the crack at L1.
This may underestimate the J-integral computations of the submo-
del if its boundary conditions are chosen such that they are close to
the crack vicinity. Consequently, a submodel geometric sensitivity
analysis is conducted. Fig. 6(b) shows the variation of the J-integral
with respect to SDR at the beam web centerline based on the three
submodels. Submodel 1, which is considered to be the simplest
one, underestimates the J-integral by about 30% for SDRs higher
than 2% rads. On the other hand, submodel 2 provides nearly iden-
tical results to submodel 3, which is the most accurate one. As such,
the geometry of submodel 2 is utilized for the analyses discussed
hereinafter.

Overview and Scope of Fracture Analysis

In the upcoming sections, the fracture potential of welded connec-
tions is examined based on the methodology discussed earlier. The

primary scope is to demonstrate that simpler fabrication detailing
suffices to minimize the fracture potential of both pre-Northridge
and post-Northridge beam-to-column connections. Of particular in-
terest is to revisit if removal of the bottom backing bar is deemed
necessary after the completion of the CJP groove welds between the
bottom beam flange and the column flange. Referring to Fig. 7(a), a
conventional backing bar is first considered. While this is not ex-
pected to lead to superior results, it is considered a reference case. A
beveled backing bar [see Fig. 7(b)] is also examined. The premise
in this case is to allow for the stress flow to pass through the back-
ing bar due to its attachment to the column flange. The beveled
angle, θb, can be optimized through CFE analyses. The angle of the
normal stress flow is varied so as the fracture potential at L1 [see
Fig. 1(b)] is minimized. All the examined beveled angles, θb, and
crack depths are summarized in Table 1. The conventional backing
bar geometries conform to AWS (2016).

The fracture analysis is mainly conducted on connection geom-
etries featuring deep steel beams (i.e., W36x150) and web panel
zones exhibiting inelastic shear distortions above 4γy. The presented
criteria are intentionally selected because they can significantly com-
promise the ductility of welded connections (Chi et al. 1997; El-
Tawil et al. 1999; FEMA 2000a; Lu et al. 2000; Mao et al. 2001;
Ricles et al. 2002a, 2004).

Assessment of Pre-Northridge WUF-B Connections

The chosen characteristic connection configuration to assess the dif-
ferences between the two backing bar geometries in pre-Northridge
WUF-B connections is the exterior subassembly UCB-PN3, which
was tested by Yang and Popov (1995) at full scale as part of the SAC
program (FEMA 1997). This specimen features a W36x150 deep
beam and a W14x257 column. The beam-to-column web panel

(a) (b)

Fig. 6. Continuum finite element sensitivity analyses results: (a) contour number sensitivity analysis; and (b) submodel geometric sensitivity analysis.

(a) (b)

Fig. 7. Backing bar geometry: (a) conventional detail; and (b) beveled
detail.
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exhibited an inelastic shear distortion of 15γy. The selected subas-
sembly experienced fracture at the bottom beam flange CJP weld (at
L1) prior to an SDR of 2% rads.

A 6 mm weld toe with a 45° angle CJP weld is assumed as per
AWS (2010). The web and flange measured material properties for
the beams and the column are considered as per FEMA (1997) and
for the weld metal as per Kanvinde et al. (2008). Fig. 8 depicts the
examined beam flange-to-column flange connections, together with
the respective CFE submodels with a0 ¼ 3 mm. Three different con-
nection details are examined. In Fig. 8(a), the model utilizes a con-
ventional unreinforced backing bar. This has two potential crack tips;
C1, which is adjacent to the backing bar and the column flange; and
C2, which is adjacent to the backing bar and the beam flange. In
Fig. 8(b), the WUF-B connection is analyzed without the presence
of the backing bar. Finally, Fig. 8(c) illustrates the pre-Northridge
WUF-B connection with a beveled backing bar left in place after
the completion of the CJP groove weld. In this case, crack tips
C1 and C2 are explicitly considered.

Fig. 9(a) shows the J-integral demand in the most critical loca-
tion of the beam web centerline with respect to the SDR for all the
analyzed cases. To put the results into perspective, the lower and
upper bounds of the J-integral resistance (noted as JIC) for the
ASTM A572, Gr. 50 (i.e., fy ¼ 345 MPa, where fy is the nominal

material yield stress) base metal of the column are superimposed in
the same figure. These are computed according to Eq. (2)

JIC ¼ λ · fy · CTOCC ð2Þ

where λ = dimensionless factor, which is related to the stress state
and the material properties and may be empirically assumed equal
to 1.2 (Chi et al. 2000); CTODC = critical CTOD and may be taken
equal to 0.17 mm (Chi et al. 1997). The lower bound of JIC is de-
termined based on the nominal yield stress of the steel base material
(i.e., fy ¼ 345 MPa), whereas the upper bound is based on its
expected yield stress (Ryfy ¼ 380 MPa) as per AISC (2016b). The
upper bound (JIC ¼ 78 N=mm) matches that of the Grade 480
E70T7 low-toughness filler metal, which was characteristic in
pre-Northridge WUF-B connections (Kanvinde et al. 2008).

Referring to Fig. 9(a), when the crack depth is 6 mm, the frac-
ture potential is 40% higher than that of a 3-mm one when the con-
ventional backing bar is not removed after the completion of the
groove weld. In the former, the stress concentration near the crack
is higher than that in the latter. Note that the depicted J-integral is
based on calculations on crack tip C1 [see Fig. 8(a)]. The J-integral
demand at crack tip C2 is nearly zero because the backing bar is not
attached to the column flange to let the stress flow pass through the
backing bar.

The CFE submodel with conventional backing bars exhibits
fracture well before an SDR of 2% rads. This is consistent with the
experimental findings (FEMA 1997). However, it should be noted
that bolt slipping was not considered in the CFE analysis. Bolt slip-
ping would increase the beam flange strain demands and sub-
sequently the fracture potential at the same location (FEMA 2000a;
Han et al. 2007). The fracture potential of the conventional and the
‘no backing bar’ models are nearly identical. The reason is that the
backing bar remains practically unstressed during loading because it
is solely attached to the beam flange. This agrees with prior work by
Chi et al. (2000). Therefore, there is no benefit from removing the
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Fig. 8. Bottom beam flange-to-column flange weld detail along with their respective continuum finite element submodels: (a) conventional backing
bar; (b) no backing bar; and (c) beveled backing bar-C1 crack tip.

Table 1. CFE analyses beveled backing bar geometry characteristics

θb
Crack

depth (mm) θb
Crack

depth (mm) θb
Crack
depth θb

Crack
depth

35° 0 25° 3 — — — —
35° 0 30° 3 25° 6 mm — —
45° 0 35° 3 30° 6 mm 25° 9 mm
60° 0 45° 3 35° 6 mm 30° 9 mm
∞ 0 60° 3 45° 6 mm 35° 9 mm
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backing bar if the edge crack is not reinforced with a fillet weld in
this case.

Interestingly, Fig. 9(a) suggests that the same pre-Northridge
WUF-B connection with a beveled backing bar detailing (θb ¼ 35°)
is able to achieve an SDR of 4%–6% rads prior to fracture for the
same low-toughness weld electrode (i.e., E70T7). Noteworthy stat-
ing that the fracture potential at L1 is lower than that at L2 for an
assumed crack depth a0 equal to 0.5 mm in the HAZ. This was
assumed to extend 3 mm away from the weld toe (Ibrahim et al.
2019; Myers et al. 2009).

Fig. 9(b) compares the normalized J-integral demand with
respect to the assumed bevel angle, θb. Particularly, the J-integral
demand from the model with the conventional backing bar is nor-
malized with respect to that from the model with the beveled backing
bar. From the same figure, the largest (θb ¼ 60°) and the smallest
(θb ¼ 25°) bevel angle lead to the highest fracture potential. Quali-
tatively, in the former, the crack tip is situated near the beam flange,
thereby causing high-stress concentrations. In the latter, the smallest
bevel angle has the crack tip away from the critical beam flange;
thus, the J-integral is nearly zero at C1. Interestingly, in this case,
C2 becomes critical because the stress flow passes through that crack
tip. From a deformation compatibility perspective, once the backing
bar attachment to the column flange increases (i.e., smallest bevel
angle), C2 becomes critical. The optimal bevel angle is the one that
imposes the same J-integral demand at both C1 and C2 crack tips.
For the analyzed connection, this corresponds to θb ¼ 35°. In this
case, the fracture potential is reduced by five to eight times relative

to that with the conventional backing bar depending on the assumed
crack depth, a0, and the SDR of interest, which is a significant
decrease.

Effect of Fillet Weld Reinforcement on J-Integral
Demand

It is generally known that a fillet weld reinforcement can reduce
the fracture potential of welded connections due to the closure of
potential mode I cracks (Chi et al. 2000; Wang et al. 2010; Yang
et al. 2019). Indeed, a closed crack has a decreased displacement
field when contrasted with an open crack under the same loading
conditions.

In this section, we investigate the possibility of reducing the
fracture potential of crack tips at C1 and C2 with a fillet weld
reinforcement either between the backing bar and the column
flange [noted as fillet weld 1 in Fig. 10(a)] or between the backing
bar and the beam flange [noted as fillet weld 2 in Fig. 10(b)], re-
spectively. Referring to Fig. 10(c), fillet welds 1 and 2 are also ap-
plied simultaneously.

Fig. 10(d) illustrates the effect of the fillet weld 1 reinforcement
on the J-integral demand of the conventional backing bar detail
with a0 ¼ 6 mm (i.e., deepest crack-like flaw). In the same figure,
the results are contrasted with those from the optimal beveled back-
ing bar detail (i.e., θb ¼ 35°) discussed earlier. While a fillet weld
reinforcement does reduce the fracture potential at C1, interest-
ingly, the corresponding fracture potential is almost four times
higher than that with the beveled backing bar configuration. Albeit
the fillet weld 1 reinforcement closes the edge crack C1, this is
deemed to be more critical than the open crack C2. Therefore,
the rest of the fillet weld reinforcement combinations are not ex-
amined because they would increase the J-integral at C1 and de-
crease it at C2.

The effect of fillet weld reinforcement is also examined for the
pre-Northridge connection with a beveled backing bar in Fig. 10(e).
By welding the backing bar to the bottom beam flange (i.e., fillet
weld 2), the stress flow in the backing bar increases, thereby com-
promising the J-integral at this location. The same findings hold
true for fillet weld 1. The optimal beveled backing bar configura-
tion (i.e., θb ¼ 35°) balances the fracture potential between C1 and
C2. Consequently, tack welds and fillet weld reinforcement be-
tween the beveled backing bar and the beam or column flanges out-
side the weld joint should be prohibited to achieve the highest
connection ductility.

Effect of Axial Load on J-Integral Demand

End columns in steel MRFs may experience tensile excursions due
to dynamic overturning effects (Suzuki and Lignos 2020). The ap-
plied axial load within the panel zone decreases its strength due to
the axial-to-shear load interaction. Therefore, the likelihood of frac-
ture due to kinking at C1 location increases. Youssef et al. (1995)
highlighted fractures mainly in end columns that had increased ax-
ial load demands due to transient loading. To investigate this aspect,
a tensile axial load ratio P=Py ¼ 10% (where P is the applied axial
load and Py is the axial yield strength of the column based on mea-
sured material properties) is applied to the steel column of the same
connection examined earlier. Fig. 11 shows the J-integral demand
with respect to SDR when the two examined backing bars (see
Fig. 7) are considered. The results are contrasted to the respective
cases with no axial load demands. Overall, the analyses suggest that
the tensile axial load does not practically affect the J-integral de-
mands regardless of the examined backing bar detail. However, it

(a)

(b)

Fig. 9. J-integral comparisons for a typical pre-Northridge WUF-B
connection and its variants: (a) J-integral versus story drift ratio; and
(b) effect of bevel angle on J-integral.
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should be stated that this should be further verified when beam-to-
column connections are under cyclic loading.

The general consensus from the CFE analyses presented in this
section is that the proposed beveled backing bar configuration
would have considerably delayed premature fractures in typical
pre-Northridge WUF-B connections at location L1. Therefore, it
is worth investigating the fracture potential of post-Northridge
WUF-W connections when a beveled backing bar is intentionally

left in place after the completion of demand-critical CJP welds at
the bottom flange of the steel beam with filler weld electrodes
according to AISC (2016b).

Assessment of Post-Northridge WUF-W
Connections

Prequalified WUF-W connections necessitate bottom beam flange
backing bar removal, weld root back gouging, fillet weld reinforce-
ment, and inspection of potential defects (AISC 2016a). These
specifications practically provide zero fracture potential at the
outer beam flange-to-column interface. Instead, fracture near
the HAZ becomes critical. With the beveled backing bar configu-
ration, potential defects in the weld root are positioned away from
the beam flange, thus minimizing the fracture potential at the
beam flange-to-column interface. The same holds true in cases
where the bottom of the bevel may not be penetrated by the weld.
However, referring to Fig. 9(a), the simulation results suggest that
the beveled backing bar pushes the fracture-critical location to be
near the HAZ, which is consistent with the current state of pre-
qualified WUF-W connections.

A series of parametric analyses is conducted to examine the frac-
ture potential of prequalified WUF-W connections when a beveled
backing bar geometry is employed and, contrary to AISC (2016a), is
not removed from the bottom flange of the steel beam. The analysis
matrix, which is summarized in Table 2, includes the interior sub-
assembly UT04 (denoted as Case 1), tested by Shin (2017), and the

(a) (b) (c)

(d) (e)

Fig. 10. Effect of fillet weld reinforcement on J-integral for pre-Northridge WUF-B connection detailing depending on the assumed continuum finite
element submodel: (a) fillet weld 1 reinforced conventional backing bar; (b) fillet weld 2 reinforced beveled backing bar; (c) fillet weld 1 and 2
reinforced beveled backing bar; (d) fillet weld reinforced conventional backing bar effect on J-integral; and (e) fillet weld reinforced beveled backing
bar effect on J-integral.

Fig. 11. Effect of column tensile axial force on J-integral for
pre-Northridge WUF-B connections.

© ASCE 04022102-9 J. Struct. Eng.

 J. Struct. Eng., 2022, 148(8): 04022102 

D
ow

nl
oa

de
d 

fr
om

 a
sc

el
ib

ra
ry

.o
rg

 b
y 

E
co

le
 P

ol
yt

ec
hn

iq
ue

 F
ed

er
al

e 
de

 L
au

sa
nn

e 
on

 0
6/

07
/2

2.
 C

op
yr

ig
ht

 A
SC

E
. F

or
 p

er
so

na
l u

se
 o

nl
y;

 a
ll 

ri
gh

ts
 r

es
er

ve
d.



equivalent exterior one (denoted as Case 2). This subassembly fea-
tures W36x150 beams and a W14x398 column. The rest of the an-
alyzed cases (identified as Cases 3–6) conform to the current seismic
design and fabrication standards (AISC 2016a, b, c; AWS 2010,
2016). In brief, the interior subassemblies comprise deep beams
and columns (i.e., the panel zone aspect ratio is nearly equal to
one). The beam and column depths range from 500 to 1,000 mm,
while their flange thicknesses range from 19 to 44 mm (¾–1¾ in.)
and from 34 to 74 mm (1⅜–2⅞ in.), respectively. The analyzed cases
are within the design space of typical seismic designs of steel MRFs
in North America (Elkady and Lignos 2014; NIST 2015). Nominally
identical material properties are considered for the yield regions of
the steel beams and columns in all cases.

The panel zone strength-to-resistance ratio, Ru=Rn, does not re-
spect intentionally the requirements of AISC (2016c) to inhibit in-
elastic panel zone shear distortions. The panel zone strength, Ru, is
computed according to the Skiadopoulos et al. (2021) design
model, which is an improved representation of the AISC (2016c)
panel zone model. The expected maximum panel zone inelastic
shear distortions range from 20 to 25γy.

In all examined cases, continuity plates with a thickness equal to
that of the beam flange are deemed to be imperative. The CFE mod-
eling approach is consistent with that presented earlier. The fracture
potential of the examined cases is compared for three beveled back-
ing bar geometries (bevel angles of 45°, 35°, and 30°).

Fig. 12 depicts the lateral strength, F, versus SDR and the panel
zone shear distortion, γ, versus SDR relations for all the examined
cases. Referring to Fig. 12(a), the examined subassemblies provide
a wide range of lateral strength due to the selection of the beam and
column cross sections. Fig. 12(b) suggests that the panel zone shear
distortion is appreciable in most subassemblies at modest lateral
drift demands (i.e., 2% rads) as well as at 4% rads.

Effect of Panel Zone Design Distortions

Cases 1 (weak panel zone) and 2 (strong panel zone) are employed
to assess the influence of panel zone design distortions on the con-
nection performance. Because of the modified AISC (2016a) and
AWS (2010) weld access hole in post-Northridge WUF-W connec-
tions (see Fig. 3), the stress flow near the backing bar is altered
compared to that in their pre-Northridge WUF-B counterparts.
Fig. 13(a) depicts the J-integral ratio between the conventional
and the beveled backing bar with respect to the bevel angle for
the models with a0 ¼ 6 mm. The results indicate that the fracture
potential of WUF-W connections with beveled backing bars re-
duces by 7 to 5 times at lateral drift demands of 2% and 6% rads
compared to the equivalent cases with conventional backing bars
left in place after welding. Moreover, the optimal bevel angle is
45°, regardless of the panel zone strength.

Fig. 13(b) depicts the J-integral versus SDR relation for
WUF-W connections with a conventional (a0 ¼ 6 mm) and the op-
timal beveled (i.e., θb ¼ 45°) backing bar configurations. More-
over, the J-integral demands are compared with the J-integral
resistance of the E70T7-K2 weld electrode (Grade 480) that satis-
fies the minimum criteria for demand-critical welds (AISC 2016b)
for prequalified beam-to-column connections. The median JIC is
equal to 208 N=mm, while the 5th and 95th percentiles are equal
to 118 N=mm and 300 N=mm, respectively, based on prior perti-
nent work (Gomez et al. 2008; Kanvinde et al. 2008). Referring to
Fig. 13(b), the conventional backing bar configuration leads to con-
nection fractures prior to an SDR of 3–4% rads; hence, its removal
is justifiable. Conversely, the same connection with the optimal
beveled backing bar configuration exceeds an SDR of 6% rads even
when compared with the 5th percentile of the weld electrode
toughness.

Table 2. Post-Northridge subassembly CFE analysis matrix

Specimen ID
Beam

cross section
Column

cross section
Beam

depth, db (mm)
Column

depth, dc (mm)
Beam flange

thickness, tbf (mm)
Column flange

thickness, tcf (mm) Ru=Rn

Expected
γmax=γy

Case 1 W36X150 W14X398 911.9 464.8 23.9 72.4 0.50 22.0
Case 2 W36X150 W14X398 911.9 464.8 23.9 72.4 0.99 4.3
Case 3 W21X73 W24X176 538.5 640.1 18.8 34.0 0.53 23.8
Case 4 W30X116 W33X263 762.0 876.3 21.6 39.9 0.56 28.5
Case 5 W36X150 W36X256 911.9 950.0 23.9 43.9 0.54 28.5
Case 6 W36X256 W36X529 950.0 1,010.9 43.9 73.9 0.56 28.6

(a) (b)

Fig. 12. Prequalified WUF-W connection: (a) applied force versus story drift ratio; and (b) normalized panel zone shear distortion versus story drift
ratio.
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Referring to Fig. 13(b), the fracture potential of WUF-W con-
nections featuring a weak panel zone is 1.4 times higher than that of
the strong one only when SDRs exceed 4% rads. Conversely, prior
to 4% rads, WUF-W connections with a strong panel zone possess
almost 30–50% higher fracture potential compared to those with a
weak one. To explain this, Fig. 13(c) depicts the moment demand at
the column face, Mcf , (normalized to the maximum attained mo-
ment, Mmax) versus SDR. When the panel zone is designed to re-
main elastic (Case 2), the flexural demand at the column face of the
WUF-W connection is at least 30% higher than that of its weak
panel zone counterpart. Once local buckling occurs in the steel
beam (i.e., SDR of about 3% rads), the flexural moment demand
is capped in the strong panel zone case. Conversely, local buckling
does not occur in cases where panel zones exhibit highly inelastic
deformations (i.e., γ > 20γy) even at lateral drift demands higher
than 6% rads.

Fig. 13(d) compares the cumulative equivalent plastic strain
(PEEQ) of the outer beam flange fiber versus SDR for Cases 1
(weak panel zone) and 2 (strong panel zone). The distributions
are extracted along the beam flange width from positions adjacent
to the respective backing bar. Characteristic 2-D projections are
illustrated in the same figure at an SDR of 2% and 6% rads. Prior
to an SDR of 4% rads, in the weak panel zone case, Mcf is 30%
smaller than that in its strong panel zone counterpart. As such, the
PEEQ is higher in the latter than that in the former. After the onset
of steel beam local buckling in the strong panel zone case, the
PEEQ caps due to the high plastic concentration within the buckled
region of the steel beam. Conversely, the weak panel zone attains
relatively high inelastic deformations; hence, the PEEQ in the

critical web centerline region becomes 1.4 times higher than that
of the strong panel zone case.

Beam Depth Effect

Referring to Table 2, Cases 3 to 5 feature beams with depths rang-
ing from 500 to about 900 mm. The variation of the beam and col-
umn flange thickness and the panel zone design distortions is fairly
minor in these models. Fig. 14(a) depicts the J-integral evolution
with respect to SDR for the optimal beveled backing bar configu-
ration (i.e., θb ¼ 45°). The shallower beam (i.e., db ¼ 540 mm)
possesses almost 1.3 times lower fracture potential compared to
the deeper one (i.e., db ¼ 910 mm). This is attributed to the in-
creased strain demand in deep beams (El-Tawil et al. 1999). How-
ever, fracture is only expected at lateral drift demands exceeding 6%
rads and by only assuming the 5th percentile of the E70T7-K2 weld
electrode toughness, which is a fairly conservative assumption.

Beam Flange Thickness Effect

The beam flange thickness effect on the fracture potential of post-
Northridge WUF-W connections is demonstrated by comparing
Cases 1 and 6 (see Table 2). The former features a 24-mm beam
flange thickness, while the latter features a 44-mm beam flange
thickness. Fig. 14(b) depicts the J-integral evolution over SDR
for the optimal beveled backing bar configuration. The beam with
the thicker flange (i.e., beam flange thickness, tbf ¼ 44 mm) pos-
sesses a 20% higher fracture potential than that of the beam with a
flange thickness, of 24 mm. In addition, fracture initiation only

(a)

(c)

(b)

(d)

Fig. 13. Prequalified WUF-W connections with weak and strong panel zones: (a) J-integral for conventional and beveled backing bars; (b) J-integral
versus story drift ratio; (c) normalized moment at the column face versus story drift ratio; and (d) PEEQ distribution within the bottom beam flange
versus story drift ratio.
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occurs at lateral drift demands larger than 5% rads regardless of the
beam flange thickness.

The increased J-integral demand in the thicker beam flanges,
which is highlighted in Fig. 14(b), may be explained by Fig. 14(c),
which depicts the PEEQ along the beam flange width at an SDR of
6% rads. For the thicker beam flange, the plastic strains are in-
creased in the web centerline location by almost 10%. This increase
in the plastic strains is associated with a higher-pressure index
(i.e., ratio of hydrostatic stress over the yield stress) in beams with
thicker flanges (El-Tawil et al. 1998).

Column Flange Thickness Effect

Referring to Table 2, we can quantify the effect of the column
flange thickness on the fracture potential of WUF-W connections

by comparing the results from Case 1 (column flange thickness,
tcf ¼ 72 mm) and 5 (tcf ¼ 44 mm). Referring to Figs. 14(a and b),
the fracture potential of the connection with thicker column flanges
(i.e., Case 1) reduces by nearly 10% compared to that of the thinner
column flange counterpart (i.e., Case 5) at SDRs ranging from 2%
to 6% rads. Qualitatively, the kinking effect is more eminent in the
thinner column flange element at inelastic panel zone distortions
of 20–25γy. This, subsequently, leads to the J-integral increase.
However, this only occurs at relatively large lateral drift demands
(i.e., larger than 5% rads).

Weld Toe Size Effect

The preceding analyses assumed a 6-mm weld toe size for the beam
flange-to-column CJP weld. According to AWS (2010), a 10-mm
weld toe size is also permissible; hence, this effect was also inves-
tigated. While the weld toe size does not affect the fracture potential
of the connections with a beveled backing bar, the analyses suggest
that a 45° and a 50° bevel angle are optimal for the 6-mm and 10-mm
weld toe, respectively, assuming a built-in crack of a0 ¼ 3 mm. The
results are not presented herein due to brevity.

Limitations

This paper focuses on the fracture potential of field-welded connec-
tions subjected to monotonic loading. Prequalified beam-to-column
connections in capacity-designed steel MRFs experience inelastic
cyclic drift demands, which cannot be assessed with the present
methodology and employed fracture mechanics methods. On the
other hand, in the present study, a uniform crack of two different
depths (i.e., a0 ¼ 3 mm and a0 ¼ 6 mm) was assumed, which is
deemed to be a conservative assumption [see Fig. 1(c)].

Fracture due to lamellar tearing in the column’s through-
thickness flange was disregarded by assuming that the toughness
requirements in the Z-direction of the column flange are sufficient.
This issue deserves more attention in connection geometries featur-
ing thick column flange thicknesses (i.e., larger than 38 mm).

Another critical aspect relates to the role of the slab on the fracture
potential of WUF-W connections. Prior investigations after the 1994
Northridge and 1995 Kobe earthquakes (FEMA 2000a; Mahin 1998;
Nakashima et al. 2007) have demonstrated that when the slab is in
fully composite or partially composite action with the floor beams,
the neutral axis shifts toward the concrete slab, thereby increasing the
inelastic strain demand at the beam’s bottom flange welds when the
slab is in compression (Nakashima et al. 2007; Ricles et al. 2002b).
The increased strain demand may be prevented by isolating the slab
from the steel column (Hobbs 2014; Tremblay et al. 1997).

Considering all the presented limitations, the findings of the
present study should be substantiated by full-scale physical testing
of WUF-W beam-to-column connections under reversed cyclic
loading. Beveled backing bars with the optimal geometry (i.e., bevel
angle of 45°) may be used and left in place after the completion of
demand-critical CJP groove welds between the beam and column
flanges to examine their effectiveness in reducing the fracture po-
tential in WUF-W connections. Such investigations are currently
underway by the authors.

Summary and Conclusions

This paper revisits concepts in prequalified field-welded connec-
tions aiming to identify fabrication simplifications by means of
simulation-based engineering design. For this purpose, the paper
explores the potential of keeping the bottom beam flange backing

(a)

(b)

(c)

Fig. 14. Fracture assessment of prequalified WUF-W connections with
a beveled backing bar: (a) effect of varying beam depth on J-integral;
(b) effect of varying beam flange thickness on J-integral; and (c) PEEQ
distribution along the beam flange width at 6% SDR for different beam
flange thicknesses.
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bar in place after executing the CJP groove welds at this location.
To reduce the associated fracture potential at this location, a cus-
tomized beveled backing bar is proposed. The employed method-
ology for such an endeavor features traditional fracture mechanics
informed by three-dimensional CFE analyses. The CFE approach is
validated to available test data from typical welded unreinforced
flange-bolted web (WUF-B) pre-Northridge connections. Several
backing bar geometry details are examined with and without fillet
weld reinforcements. These are compared with the proposed one.
The connection performance is assessed by means of parametric
studies on prequalified welded unreinforced flange-welded web
(WUF-W) connections.

Based on the CFE simulations, WUF-B pre-Northridge connec-
tions can sustain a lateral drift demand of 4% to 6% rads prior to
fracture when the customized beveled backing bar is employed,
even when the low-toughness E70T7 filler metal is utilized for
completing the beam flange-to-column flange CJP weld. The rea-
son is that with the beveled backing bar the crack tip is situated
away from the critical beam flange location. The peak lateral drift
capacity prior to fracture in this case is improved by more than four
times relative to that with a conventional backing bar.

The CFE results suggest that the optimal backing bar bevel
angle, θb, for typical pre-Northridge WUF-B connections, is 35°.
When θb decreases, the backing bar-to-beam flange crack tip C2
becomes critical; hence, the fracture potential at crack tips C1
and C2 are identical for the optimal bevel angle.

The fillet weld reinforcement in conventional backing bars
closes the edge cracks and reduces the fracture potential of
field-welded connections by up to two times. However, connec-
tions with the beveled backing bar still possess a fracture potential,
which is one-fourth that of the fillet weld reinforced conventional
backing bar.

The simulation studies reveal that the fracture potential of field-
welded connections is practically not influenced by the tensile and/
or compressive column axial load demands regardless of the em-
ployed backing bar geometry. This is attributed to the fact that the
column axial load does not affect the beam moment demand,
strongly influencing the connection ductility under lateral loading.

Contrary to WUF-B pre-Northridge connections, in prequalified
WUF-W connections, the optimal beveled angle, θb, is found to be
45°. This is due to the modified weld access hole geometry that is
adopted in WUF-W connections. The CFE results suggest that pre-
qualified WUF-W connections with a beveled backing bar left in
place after welding sustain lateral drift demands of at least 6% rads
prior to fracture regardless of the panel zone strength, beam depth,
as well as thickness of the beam and column flanges, given that the
minimum criteria for demand-critical groove welds according to
AISC (2016b) are respected.

Prequalified WUF-W connections featuring weak panel zones
with γ > 20γy possess nearly 1.5 times higher fracture potential
compared to their strong panel zone counterparts at lateral drift de-
mands above 4% rads. Interestingly, at SDRs less than 4% rads, the
fracture potential of WUF-W connections with strong panel zones
is nearly 1.5 higher than that of their weak panel zone counterparts.
In the former, the moment at the column face is about 30% higher
than that in the latter. However, in the strong panel zone case, the
onset of local buckling in the beam caps the strain demands due to
flexure at lateral drift demands of about 4% rads. On the other hand,
at this drift range, panel zone kinking prevails in cases where the
panel zone shear distortion is larger than 12γy.

The fracture potential of WUF-W connections comprising shal-
low beams (e.g., db ∼ 550 mm) is about 30% less compared to that
in connections with deeper beams (e.g., db ∼ 900 mm). Similarly,
beams with thick flanges (e.g., tbf > 40 mm) possess about 10%

higher fracture potential compared to beams with thinner flanges
(e.g., tbf < 25 mm) due to the higher-pressure index and the asso-
ciated plastic strains in the former. On the other hand, steel columns
with relatively thick flanges (e.g., tcf > 70 mm) possess about
10% lower fracture potential compared to columns with thinner
flanges (e.g., tcf < 45 mm). This is attributed to the kinking effect,
which is more eminent in the latter case.
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Full-Scale Experiments of Cyclically Loaded Welded
Moment Connections with Highly Dissipative
Panel Zones and Simplified Weld Details
Andronikos Skiadopoulos, Aff.M.ASCE1; Dimitrios G. Lignos, M.ASCE2;

Masaki Arita3; and Satoru Hiroshima4

Abstract: This paper presents the experimental results of two welded unreinforced flange-welded web (WUF-W) beam-to-column connec-
tions that defy the current design paradigm of prequalified welded connections. The proposedWUF-W connections feature customized beveled
backing bars that are intentionally left in place after the completion of the beam flange-to-column face complete joint penetration welds. The
connection design aims at a stable hysteretic response by exploiting the beneficial aspects of appreciable panel zone shear yielding (i.e., inelastic
shear distortions of at least 15γy, where γy is the panel zone shear distortion at yield), by considering a shear strength-to-demand ratio of 0.8.
To prevent divot fracture in the column, minimum through-thickness toughness requirements were imposed for the steel column material. The
experimental results suggest that the proposedWUF-W connections achieve a stable hysteretic response up until lateral drift demands of at least
7% rad, while a non-softening response was assured up to 9% rad. The beveled backing bars minimize the associated fracture potential near the
beam web centerline, which is a primary concern in prequalified field welded moment connections when conventional weld backing bars are
employed. The tests suggest that, under a symmetric cyclic loading protocol, local buckling near the steel beams is prevented up until a lateral
drift demand of 6% rad, which is an important finding from structural repairability and stability standpoints. The ultimate failure modes of the
welded connections, which are attributable to ductile crack initiation and propagation, are consistent regardless of the employed lateral loading
histories, which involved standard symmetric cyclic and collapse-consistent loading protocols. The implications for the seismic design of steel
moment resisting frames (MRFs) and the limitations of the present work are discussed. DOI: 10.1061/JSENDH.STENG-12128. © 2023
American Society of Civil Engineers.

Author keywords: Steel moment resisting frames; Welded beam-to-column connections; Beveled backing bars; Inelastic panel zone;
Pre-qualified connections; Ductile cracks; Instability-free performance.

Introduction

The dynamic stability of capacity-designed steel moment resisting
frames (MRFs) relies on the anticipated seismic performance of
their fully restrained beam-to-column connections. Depending on
the targeted panel zone shear strength-to-demand ratio, the permis-
sible level of panel zone inelastic shear distortions may be up to 4γy

(where γy is the panel zone shear distortion at yield), according to
today’s seismic design provisions (e.g., AISC 2016b).

The current state-of-the-art in prequalified fully restrained welded
beam-to-column connections, as described in AISC (2016a), has
been influenced by research, which was mostly conducted after the
1994 Northridge earthquake (Mahin et al. 2002; Malley 1998). At
that time, common deficiencies that compromised the cyclic behav-
ior of welded unreinforced flange-bolted web (WUF-B) connections
were: (1) non-optimized access hole geometry (Lu et al. 2000; Mao
et al. 2001; Ricles et al. 2002a, 2003); (2) inadequate weld material
toughness requirements (Chi et al. 2000); (3) inferior base material
quality control and through-thickness properties (Krawinkler 1995;
Tremblay et al. 1995); and (4) the presence of the weld backing bar
in the bottom beam flange-to-column connection after the execution
of the complete joint penetration (CJP) groove welds at this location.
The notch at the bottom beam flange backing bar together with
additional flaws that may be introduced from the interruption of the
welding process at the beam web location led to high strain de-
mands at the backing bar-to-column face weld root. These were
enlarged particularly in connection geometries that featured deep
beams and/or inelastic panel zone designs (Chi et al. 1997; El-Tawil
2000; El-Tawil et al. 1999; Whittaker et al. 1998). The role of the
concrete slab on the observed behavior of welded connections was
also stressed (Hajjar et al. 1998; Leon et al. 1998).

Follow-up experimental studies on WUF-B connections with im-
provedmaterial and connection details (Han et al. 2007; Stojadinović
et al. 2000) demonstrated the need for welding a portion of the
shear tab to the beam web, which led to the development of the
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welded unreinforced flange-welded web (WUF-W) connection.
While similarities in the structural detailing and fabrication of
today’s prequalified WUF-W connections hold true worldwide,
the primary focus of this paper is on WUF-W connections accord-
ing to the North American seismic design and fabrication stan-
dards (AISC 2016a; AWS 2016).

The typical WUF-W connection (Fig. 1), features improved weld
specifications (Chi et al. 1997), an optimized access hole geometry
(Lu et al. 2000; Mao et al. 2001; Ricles et al. 2000, 2002a, b, 2003),
continuity plates, when necessary, to transfer the beam flange forces
due to flexure in the beam, and doubler plates to satisfy the targeted
panel zone design requirements (Lee et al. 2005a, b). Moreover,
after completing the CJP groove weld at the bottom beam flange-
to-column face joint, it is imperative to remove the conventional
backing bar, while the weld root should be back-gouged. Fillet weld
reinforcement should be placed at the same location to close poten-
tial defects in the beam flange outer fiber. PrequalifiedWUF-W con-
nections should also be inspected with nondestructive ultrasonic
testing (UT) in accordance with AWS (2016). While necessary, the
foregoing detailing is time and resource consuming (FEMA 2000;
Miller 2017; Popov et al. 1998).

Structural detailing simplifications for column splices (e.g., Shaw
et al. 2015; Stillmaker et al. 2016) and for continuity and doubler
plate weld details of WUF-W connections (Reynolds and Uang
2022) have emerged. These rely on advancements in weld specifi-
cations and practice as well as today’s quality control in fabrication.

Motivated by the foregoing, Skiadopoulos and Lignos (2022a)
proposed a customized beveled backing bar configuration for welded
connections by enabling finite element simulation-assisted design.
The advantage of the beveled backing bar is that its removal is not
imperative after the completion of the CJP groove welds at the beam
flange-to-column flange location. Skiadopoulos and Lignos (2022a)
demonstrated through continuum finite element simulations that the
beveled backing bar configuration shifts the fracture-critical loca-
tion away from the backing bar location. However, these simula-
tions have not been validated by experimental testing.

Experimental research (Engelhardt et al. 2000; Lee et al. 2005a;
Ricles et al. 2002b; Shin 2017; Zhang and Ricles 2006) has shown
that fully restrained welded moment connections generally meet the
prequalification requirements of AISC (2016b) when inelastic de-
formations concentrate in the steel beams. Fig. 2(a) shows such an
example, where the inelastic panel zone shear distortion did not
exceed 2γy (Shin 2017) while loading the WUF-W connection with
a symmetric cyclic loading history. On the other hand, structural
repairs are deemed imperative in this case due to inelastic local
buckling near the beam ends [Fig. 2(b)] even at modest lateral drift
demands (Uang and Bruneau 2018), particularly when the beam
profiles are near the limits for highly ductile members according
to AISC (2016b). This results in increased column twist demands,
which could be detrimental when deep columns are utilized in the
seismic design of steel MRFs (Chi and Uang 2002; Ricles et al.
2004).

Fig. 1. Illustration of typical welded unreinforced flange-welded web connection detailing.

(a) (b) (c)

Fig. 2. (a) Hysteretic responses of welded unreinforced flange-welded web beam-to-column connections with variable design panel zone
distortions, γd; (b) deformed shapes for the 2γy (at 4% rad lateral drift demand); and (c) the 22γy (at 4% rad lateral drift demand) cases. (Reprinted
with permission from Shin 2017.)
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When balancing inelastic deformations between the beam ends
and the panel zone in welded connections, local buckling in the
former only occurs at large lateral drift demands (Kim and Lee 2017;
Lee et al. 2005a; Rahiminia and Namba 2013; Ricles et al. 2002b;
Shin 2017). For instance, Fig. 2(a) illustrates the cyclic response of
a WUF-W connection, which was designed with a targeted shear
strength-to-demand ratio of 0.5 (Shin 2017). In this case, the use of
doubler plates was not imperative, which reduced the associated
fabrication costs in comparison to its strong panel zone counterpart.
Moreover, Figs. 2(a and c) suggest that the WUF-W connection
exhibits a stable hysteretic response up until a lateral drift of 6%
rad. Arguably, at this drift level, the global stability of steel MRFs
is governed by P-Δ effects (Elkady and Lignos 2015; Gupta and
Krawinkler 2000). In a more recent study, Skiadopoulos and Lignos
(2022b) demonstrated through extensive system-level simulations
that at the maximum considered earthquake event (i.e., 2% prob-
ability of exceedance over a 50-year building life expectancy),
residual story drift ratios reduce by half when the targeted panel
zone distortions shift from 4γy (i.e., allowable limit) to 10γy. This
is particularly important from a building demolition standpoint
(FEMA 2012).

In cases where the column flanges are subjected to highly
inelastic strain demands due to panel zone kinking (Krawinkler
et al. 1971; Lee et al. 2005b), stricter flange through-thickness
(i.e., Z-direction) material requirements may be imperative to pre-
vent lamellar tearing and/or divot fractures. Such fracture types,
which are mostly common in columns with thick flanges [i.e., higher
than 38 mm, as per AISC (2016b)], were reported in post-Northridge
WUF-W connection tests (Lin et al. 2000). For the same reasons,
CEN (2004) requires increased Z-direction quality class steel mate-
rials. The same applies for columns with flange thicknesses larger
than 38 mm (AISC 2016b). Such toughness requirements in North
America may be respected by enabling A913 steels (Bouchard and
Axmann 2000).

Motivated by the foregoing, this paper introduces a new welded
moment connection that defies the current design paradigm of pre-
qualified WUF-W connections. The novelty of the proposed con-
nection is threefold. First, beveled backing bars are employed and
intentionally left in place after the completion of the CJP groove
welds in the beam flange-to-column face joint; second, the connec-
tion design allows for highly dissipative panel zones; and third,
steel columns are designed with minimum through thickness proper-
ties to prevent divot fracture, as well as the early onset of cracks due
to ultra-low-cycle fatigue at the so-called kink location. The hyster-
etic behavior of the proposed connection is characterized by means
of full-scale physical testing of two interior beam-to-column subas-
semblies. The effect of loading history on the global and local per-
formance criteria is quantified. Implications for prospective seismic
design of steel MRFs along with limitations of the present work are
also discussed.

Test Objectives and Anticipated Performance of the
Welded Connections

The proposed connection design exploits the beneficial aspects of
shear yielding in a beam-to-column web panel zone by assuming
a panel zone resistance-to-demand ratio, Rn;pl=Ru, that equals 0.8
[Rn;pl is calculated per the Skiadopoulos et al. (2021) panel zone
model at 4γy]. According to Skiadopoulos and Lignos (2022b),
steel MRFs featuring welded moment connections with a panel
zone strength-to-demand ratio that ranges from 0.75 to 0.85 show
reduced seismic collapse risk and expected structural repairs
when compared with conventionally designed welded connections.

Therefore, in the presented experimental program, a panel zone
strength-to-demand ratio of 0.80 is adopted. For this design value,
at a design-basis earthquake (10% probability of exceedance over
50 years), the steel beams are expected to exhibit only flexural
yielding and no local geometric instabilities, while the panel zone
inelastic shear distortions are expected to be as much as 8γy
(Skiadopoulos and Lignos 2022b). During a maximum-considered
earthquake (2% probability of exceedance over 50 years) it is an-
ticipated that panel zone distortions should be as much as 15γy
provided that a stocky column is employed, whereas local buckling
should not occur in the steel beam ends. While past studies have
proposed targeted panel zone design distortions of up to 10γy
(El Jisr et al. 2019; Skiadopoulos and Lignos 2021, 2022b) for
the same purpose, herein, at maximum considered earthquake
(MCE), the targeted inelastic shear distortion of 15γy is selected
so as to conservatively impose increased strain demands to the an-
ticipated panel zone kinking locations. The increased inelastic de-
formation demands within the beam-to-column web panel can result
in reduced fabrication costs due to the anticipated reduction in dou-
bler plates.

With the foregoing performance targets in mind, the overarching
goal is that the welded connections achieve a non-degrading
hysteretic response up to a lateral drift demand of 5% rad. Within
such a context, structural repairs at the connection level would be
minimized in the aftermath of design-basis earthquakes. Moreover,
such a connection design would guarantee a sufficient reserve
capacity of a steel MRF so as to minimize the risk of earthquake-
induced collapse in a typical mainshock/aftershock earthquake
series (Fig. 2).

Additional economic benefits of the proposed design are antici-
pated through the use of a beveled backing bar (Skiadopoulos and
Lignos 2022a) that is intentionally left in place after the completion
of the on-site CJP welds at the beam-flange-to-column face joints.
To prevent divot fracture due to the expected high strain demands in
the column through-thickness direction, a high notch toughness
material in the Z-direction is enabled for the steel column material.

Overview of the Test Program

Test Specimens and Experimental Apparatus

Fig. 3 provides an overview of the test apparatus after the installation
of the subject interior WUF-W connection. The test configuration
consisted of two nominally identical beam-loaded test specimens.
The steel beams were subjected to lateral loading through two
5,000 kN displacement-controlled servo hydraulic actuators. These
actuators transferred the load from the test specimen to the reaction
wall through a spreader steel beam. A pinned connection was real-
ized in the column north end, while the shear and axial reaction
forces were transferred to the reaction wall through the spreader
beam.

The axial force in the column was applied through a 10,000 kN
servo hydraulic actuator in force control. Therefore, a roller connec-
tion in the north-south direction was realized (Fig. 3). The move-
ment in the east-west direction was restrained by a rigid support
beam that reacted against the strong wall through a spreader beam.
Pantographs were also clamped to the steel beams at 1,000 mm dis-
tance from the beam ends to restrain beam twisting and provide lat-
eral restraint to the beam. Secondly, an additional lateral support
system was designed according to the stability bracing requirements
of AISC (2016b, c). This lateral support system, which is illustrated
in Fig. 3, featured beams that consisted of a pair of C10 × 90 × 300
and columns that employed four L19 × 150 × 150.

© ASCE 04023167-3 J. Struct. Eng.
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The test specimens featured HY650 × 300 × 16 × 25 steel
beams (equivalent to a W24 × 131 in North America) with web and
flange local slenderness ratios, h=tw ¼ 35.9, and b=2tf ¼ 6, respec-
tively (where h is the clear flange distance minus the fillet radii, tw
is the web thickness, b is the flange width, and tf is the flange thick-
ness of the cross section). This profile meets the requirements for
highly ductile members according to AISC (2016b). The steel
columns featured an H498 × 432 × 45=70 (i.e., h=tw ¼ 7.0, and
b=2tf ¼ 3.1), which is equivalent to a stocky W14 × 398 in North
America. The flange thickness of the selected column cross section
was equal to 70 mm. The foregoing member sizes and the connec-
tion geometry reflect the current seismic design practice in North
America (Elkady and Lignos 2015; NIST 2010; Skiadopoulos
and Lignos 2022b). The steel beams and columns were made of
SN490B (JIS-G3136) and SM490A (JIS-G3106), respectively. Both
structural steel materials had a nominal yield stress fy ¼ 325 MPa.
The columns in both specimens were from the same steel heat. The
same applied for the steel beams.

The beam-to-column connection designs intentionally violated
the doubler plate requirements and the beam flange-to-column face
weld detail as per AISC-358-16 (AISC 2016a). The former allows
for a balanced inelastic deformation design between the steel beams
and the panel zone. The clear span-to-beam depth ratio, Lc=d,
equals 11.6, which meets the minimum requirement for special
moment frames (AISC 2016a). Continuity plates were not imper-
ative in the connection design, because the column flange and web
thicknesses are able to accommodate the concentrated beam flange
force demands (AISC 2016b). The strong column-weak beam
(SCWB) ratio was larger than two. Therefore, the column was ex-
pected to remain elastic throughout the imposed lateral loading

history. This SCWB ratio was adopted due to the geometric limita-
tions of the experimental setup. However, complementary CFE
analyses (Skiadopoulos and Lignos 2022a) demonstrate that the pro-
posed concept works with other SCWB ratios.

Test Specimen Fabrication

The fabrication process of the test specimens aimed at simulating
realistic field weld conditions. For this purpose, the construction
sequence was performed with the test specimens in the upright
position. The shear tabs were shop-welded to the column face
with double bevel CJP weld of YGW-18 weld electrode, as shown
in Fig. 4, Detail 1. Two M24 prestressed erection bolts (AISC
2016b, c) of F10T material (equivalent to A490 in the US) were
used for positioning the steel beams in place and for satisfying a
perpendicular alignment between the two beams and the column.
The beveled backing bars were then tack-welded at the top and
bottom beam flanges. The geometry of the backing bars (Fig. 4,
Detail 2), was designed according to the recommendations by
Skiadopoulos and Lignos (2022a) for WUF-W connections. The
access hole geometry (Fig. 4, Detail 3) met the design specifica-
tions (AISC 2016a; AWS 2016).

Runoff tabs were used for a smooth start and termination of
the welding process [Fig. 5(a)]. Prior to the CJP weld execution,
a preheat was applied at 50°C in accordance with AIJ (2018b).
The CJP welds were then performed for both the top and bottom
beam flanges and for the beam web by using YGW-18 and
T49J0T1-1CA-UH5 weld electrodes, respectively (Fig. 4, Detail 1),
which satisfy the requirements for demand critical welds of AISC
(2016b). In this case, the minimum Charpy V-notch toughness of
these welds was 70 J at 0°C. All CJP field welds were performed

Fig. 3. Overview of the test setup (unit: mm).
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by the gas metal arc welding (GMAW) process. The maximum heat
input was 30–40 kJ=cm and the maximum permissible temperature
between passes was 250°C –350°C. Noteworthy, the CJP weld elec-
trode diameters were 1.2 mm, regardless of the weld detail and weld
pass. Although this diameter lies in the upper bound of available
electrode diameters, the relatively tight welded joint between the

beveled backing bars and the column face intersection was filled
with the molten metal without any trace of discontinuity. The runoff
tabs were removed and grinded to ensure a smooth surface, accord-
ing to AISC (2016a), as shown in Fig. 5(b), after the execution of the
CJP welds. The shear tabs were then fillet-weld reinforced by using
a T49J0T1-1CA-UH5 weld electrode, as per AISC (2016a).

After welding, UT was performed in all demand critical CJP
welds (AISC 2016b; AWS 2016) to ensure that potential disconti-
nuities were below the established limits of current practice
(AIJ 2018a). The UT confirmed that Specimen 1 had no traceable
discontinuities, while Specimen 2 had two discontinuities at the
west beam flange-to-column face connection. One discontinuity
was located at the shear tab-to-column weld mid-height location,
adjacent to the shear tab, and was 2 mm deep and 10 mm long.
The other discontinuity was found at the bottom beam flange
CJP weld, adjacent to the beam flange, and was positioned at
the beam web centerline, where the welding process was inter-
rupted at the access hole location. This discontinuity was 1 mm
deep and 10 mm long. The foregoing discontinuities were within
the allowable limits of (AIJ 2018a); therefore, no weld repairs were
executed.

Instrumentation Plan and Deduced Measurements

Each test specimen employed 171 channels of instrumentation.
These comprised 72 strain gauges in the beams and the columns,
five rosette gauges in the panel zone and four near the access hole
region, 58 linear variable differential transformers (LVDTs) in the
panel zone and the pinned connections, four potentiometers in the
panel zone kinking locations, and 10 string potentiometers at the ac-
tuator locations. The instrumentation at the panel zone bottom and
top sides is illustrated in Figs. 6(a and b), while the instrumentation
immediately before starting the test is depicted in Fig. 6(c) for the
panel zone top side.

The story drift ratio, θtot, was calculated by considering a cor-
rection due to rigid body motion rotation, θRB, as per Eq. (1):

θtot ¼
δact;y;W − δact;y;E

Lb
− θRB

θRB ¼ δRB;x;N − δRB;x;S
Hc;RB

ð1Þ

where δact;y;W and δact;y;E are the west and east actuator displace-
ments in the y-direction; δRB;x;N and δRB;x;S are the LVDT displace-
ments in the x-direction at the north and south column ends at the
adapter plate mid-height location, respectively; Hc;RB is the

Fig. 4. Overview of the beam-to-column connection detailing (unit: mm).

Fig. 5. Fabrication of the beam-to-column connection: (a) beveled
backing bar and weld runoff tab prior to CJP welding; and (b) removal
of weld runoff tab after execution of the CJP welding.
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distance between these LVDTs, which equals 3,490 mm (Fig. 3);
and Lb is the distance between the displacement-control actuator
centerlines, which equals 8,000 mm.

The panel zone shear distortion, γ, was calculated based on the
displacements of the diagonal pair of LVDTs that were mounted at
the column flanges [Fig. 6(a), δ1 and δ2] as

γ ¼
ðδ1 − δ2Þ ·

ffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffi
b2pz þ d2pz

q

2 · bpz · dpz
ð2Þ

where bpz and dpz are the width and the depth of the panel zone as
defined by the points the LVDTs were attached to. More details on
the panel zone distortion measurements as well as the deduction of
the beam and column chord rotations are found in Skiadopoulos
(2022).

Ancillary Tests

Ancillary tests were performed to infer the material properties of
the steel beams and columns. The yield stress, fy;m, the ultimate
stress, fu;m, and the elongation at fracture were determined accord-
ing to standard tensile coupon testing (ASTM 2016). The average
values based on five coupons with thickness, t, are reported in
Table 1 for the web and flange plates. The specified minimum

yield, fy, and ultimate stresses, fu, are 325 MPa and 490 MPa,
respectively, for the steel beams, whereas for the steel columns
the corresponding fy is 295 MPa because of the column web and
flange thicknesses (i.e., larger than 40 mm). As for SN490B, the
results indicate that the measured-to-nominal yield strength ratio,
fy;m=fy, equals 1.13 and the measured-to-nominal ultimate strength
ratio, fu;m=fu, equals 1.08, on average. Similar values are found for
SM490A. These values are consistent with prior reports on relevant
Japanese steel materials (Fujisawa et al. 2013) and correspond
to similar values for A992 Gr. 50 steel (i.e., fy ¼ 345 MPa), as
per AISC (2016b).

The chemical composition of the structural steel materials is
summarized in Table 2. The carbon equivalent (CEV) that is a func-
tion of the chemical composition of steels (AWS 2010) is also re-
ported. The CEV values indicate that the structural steel employed
in the test specimens provides good weldability; hence, there is de-
creased potential for cracking near the heat affected zone (HAZ),
as discussed in AWS (2010). According to Table 2, the sulfur con-
tent (denoted as “S”) for the column is 0.004% of the total mass.
At this level of sulfur content, the brittleness decreases, the weld-
ability increases, and the steel anisotropy is practically eliminated
(ASTM 2018; Miller 2017). Therefore, the through-thickness mate-
rial strength and CVN toughness are fairly similar to those in the
longitudinal direction, which is consistent with current material
standards (ASTM 2018). The foregoing were also confirmed with

(a) (b) (c)

Fig. 6. Overview of the instrumentation plan at the panel zone region (unit: mm).

Table 1. Specified and measured material properties of the test specimens

Section t (mm)
Steel grade
designation

Nominal material
properties

Measured material properties fy;m
fy

fu;m
fufy;m (MPa) fu;m (MPa) Elongation (%)

Beam 25 SN490B fy ¼ 325 MPa Flange: 363 Flange: 509 Flange: 31.4 1.13 1.08
16 fu ¼ 490 MPa Web: 398 Web: 525 Web: 26.6 1.12 1.08

Column 70 SM490A fy ¼ 295 MPaa Flange: 368 Flange: 531 Flange: 36.0 1.12 1.04
45 fu ¼ 490 MPa Web: 363 Web: 528 Web: 33.7 1.22 1.07

aThe lower value of fy is attributable to the column web and flange thicknesses, which exceed 40 mm.

Table 2. Chemical composition of steel materials

Material

Chemical composition (% mass)

CEVC Si Mn P S Cu Ni Cr V Nb Mo Ti Al N

Beam 0.18 0.34 1.07 0.019 0.008 NR 0.01 0.05 0.000 NR 0.010 NR 0.016 NR 0.37
Column 0.16 0.30 1.40 0.017 0.004 NR NR NR NR NR NR NR 0.032 NR 0.41
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conventional CVN tests according to ASTM (2021) but are not
shown herein for brevity.

Applied Loading Protocols

Specimen 1 was subjected to a standard symmetric cyclic loading
protocol (AISC 2016b), as per Fig. 7(a). This protocol was consid-
ered so that the connection performance is contrasted with the
AISC (2016a) prequalification requirements. For Specimen 2, three
loading phases were implemented [Fig. 7(b)]: Phase 1 employed the
SAC near-fault asymmetric loading protocol (Krawinkler et al.
2000), whereas Phase 2 featured the collapse-consistent loading pro-
tocol (Suzuki and Lignos 2020). In Phase 3, the specimen was
loaded cyclically at �10% rad drift ratio intervals. Phase 1 was em-
ployed because pulse-like near-fault ground motions with forward
directivity are found to be considerably damaging compared with
ordinary ground motions (Alavi and Krawinkler 2004). Phase 2
was employed to acquire representative experimental data at large
deformations associated with global collapse of steel MRFs (Lignos
et al. 2011; Suzuki and Lignos 2021). Phase 3 was employed until
the loss of at least 50% of the lateral load carrying capacity of the test
specimen, so as to characterize experimentally its ultimate failure
modes and compare them with those of Specimen 1.

Prior to the imposition of the previously-mentioned loading pro-
tocols, a compressive axial load was applied to the steel column of
each test specimen. This load was kept constant throughout loading.
The magnitude of the applied axial force was Pc ¼ 5,000 kN, which

corresponds to 0.2Py;n. (Py;n is the column axial yield strength,
based on nominal material properties.) This value is representa-
tive for mid- to high-rise steel MRFs (Skiadopoulos and Lignos
2022b).

Experimental Results and Discussion

Qualitative Summary of Experimental Behavior

In this section, the results from both experiments are discussed in a
qualitative manner. Emphasis is given on the story shear resistance,
Vcol, versus story drift ratio, θtot (Fig. 8), and on the panel zone shear
force, Vpz, versus the normalized shear distortions, γ=γy (Fig. 9).
The discussion is facilitated with informative illustrations, which
demonstrate the overall performance of the welded connections.

Figs. 8(a and b) show the hysteretic responses of Specimens 1
and 2, respectively. Superimposed are key damage states through-
out loading. Both test specimens remained elastic until a lateral
drift demand of 0.75%–1% rad, where panel zone yielding oc-
curred [Fig. 8(a)]. The lateral elastic stiffness of both test specimens
is almost identical (i.e., 8.34 · 104 kN=rad). At a lateral drift de-
mand of 2% rad, which is representative of a design-basis earth-
quake (DBE), the beams in both test specimens yielded in flexure
(Fig. 8). The inelastic shear distortion in the panel zones reached
4γy at this point. Interestingly, the beam-to-column connections did
not indicate any sign of visual damage.

6@0.375 6@0.5 6@0.75 4@1 2@
1.

5
2@

2
2@

3
2@

4
2@

5
2@

6

2@7/8/9/10

Phase 1: SAC near fault Phase 2: Collapse
consistent

Repeat ± 10%

(a) (b)

Fig. 7. Loading protocols for the beam-to-column connection test specimens: (a) Specimen 1; and (b) Specimen 2.

(7%)

(9%)

Beam yielding (2%)

Onset of beam
local buckling (5%)

Panel zone yielding (1%)(6%)

Ductile tearing
beam top flanges (7%)

(a) (b)

(10%)

East beam top flange 
weld toe crack 
propagation (10%)

Panel zone at 5
Beam yielding (2%)

(10%)

West beam top 
flange weld toe crack 
propagation (10%)

Fig. 8. Story shear resistance versus story drift ratio: (a) Specimen 1; and (b) Specimen 2.
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Regarding Specimen 1, at a lateral drift demand of 3% rad, flexu-
ral yielding in the beams progressed without any indication of local
buckling. Referring to Fig. 9(a), the panel zone shear distortion
reached 8γy. At about 4% rad (that is, a representative lateral drift
demand in steel MRFs when subjected to an MCE) the backing bar
region did not exhibit any visual damage, as illustrated in Fig. 10(a).
The panel zone shear distortions at this drift amplitude were nearly
10γy. Fig. 11(a) depicts the shear yield pattern in the panel zone at
the same lateral drift demand.

Upon further loading (5%–6% rad), the beam flanges exhibited
mild local buckling that was barely visible [Fig. 10(b)]. Moreover,
the anticipated panel zone shear distortion design target (15γy) was
reached at 6% rad. The panel zone kinking effect at the four corners
where the beam flanges joined the column flanges was more evi-
dent [Fig. 11(b)]. This led to the formation of ductile microcracks at
the beam top flange-to-column face joint near the weld toes. These
microcracks grew in a stable manner due to ultra-low-cycle fatigue.
The bottom beam flange backing bar did not exhibit any visible dam-
age. At the first loading excursion of the 7% rad lateral drift ampli-
tude, the story shear resistance reached its peak value (1,265 kN).

During 7% rad, ductile tearing propagated slightly through the
thickness of the column flange at the CJP weld toe of the west and
east beam top flanges. Up until this lateral drift amplitude, the story
shear resistance of Specimen 1 did not exhibit softening and cyclic
deterioration. The associated deteriorating mechanisms (i.e., steel
beam local buckling and crack initiation and propagation in the col-
umn flanges) had practically no influence on the hysteretic behavior
of the connection [Fig. 8(a)]. At the first negative loading excursion
of 8% rad, a ductile crack initiated at the weld root between the
backing bar and the column flange of the east beam bottom flange.
At the positive excursion of 9% rad, a 20% loss of the maximum
achieved story shear resistance was observed due to the propagation
of the existing ductile cracks. At the negative excursion of the same
lateral drift amplitude, the connection lost more than 80% of its lat-
eral load resistance due to crack propagation in the column flange
near the west top and east bottom beam flanges. Prior to the test
termination, the panel zone reached 23γy [Fig. 9(a)].

Specimen 2 exhibited a very stable hysteretic response during the
near-fault loading protocol [Fig. 8(b)]. Visual inspection of the steel
beams and the beveled backing bars did not reveal any noticeable

(a) (b)

Fig. 9. Panel zone shear force versus normalized panel zone shear distortion: (a) Specimen 1; and (b) Specimen 2.

Fig. 10. Bottom beam flanges at characteristic loading excursions: (a) Specimen 1 at 4% rad; (b) Specimen 1 at 6% rad; (c) Specimen 2 at 6% rad
(near fault loading protocol); and (d) Specimen 2 at 10% rad (collapse consistent loading protocol).
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damage [Fig. 10(c)] besides flexural yielding in the beam flanges.
The panel zone shear distortions reached 18γy [Fig. 9(b)] at the sec-
ond peak lateral drift excursion of the near-fault protocol (−6% rad),
which led to localized yielding in the column flanges due to panel
zone kinking [Fig. 11(c)]. Ductile microcracks of a nature similar to
those in Specimen 1 became visible on both weld toes near the top
flanges of the beams adjacent to the column flange surface.

At the peak lateral drift excursion of the collapse-consistent pro-
tocol (−10% rad), the cracks of the west beam top flange weld fu-
sion propagated slightly towards the column width and thickness
direction. At this excursion, the welded connection reached its neg-
ative maximum story shear resistance (−1,223 kN). The observed
cracks were ductile, because they propagated slowly and did not
compromise the overall hysteretic behavior of the welded connection
[Fig. 8(b)]. Moreover, the panel zone shear distortion reached 30γy
[Fig. 9(b)]. The shear yielding in the panel zone was the primary
energy dissipation mechanism [Fig. 11(d)]. Specimen 2 exhibited
a stable hysteretic response until the end of the collapse-consistent
loading protocol. Moreover, no crack initiated from the customized
beveled backing bars [Fig. 10(d)]. The overall response was domi-
nated by cyclic hardening of the steel material.

From this point forward, lateral drift reversals of�10% rad were
performed. While lateral drift reversals of this amplitude in steel
MRFs are very unlikely even during extreme earthquake loading,
these load reversals were still conducted to determine the ultimate
failure mode of the welded connection. During the second loading
excursion of this loading phase, the ductile crack of the CJP weld
toe of the west beam top flange propagated through the column
flange thickness, thereby indicating a consistent failure mode be-
tween test specimens regardless of the employed loading history.
The test was terminated once Specimen 2 lost at least 50% of its
story shear resistance. The ultimate failure modes as determined
after conducting scanning electron microscopy (SEM) to system-
atically characterize the crack initiation and propagation at the fore-
going locations are further discussed in the subsequent sections.

The targeted panel zone shear distortions were exceeded in both
test specimens at a lateral drift demand of about 6% rad. The exper-
imental program demonstrated that the proposed WUF-W connec-
tions can sustain panel zone shear distortions that are substantially
higher than the targeted design values. This is an important finding,
considering that epistemic uncertainties (e.g., material variability, the
presence of a floor system in steel MRFs) could potentially influence
the extent of inelastic shear distortion in the panel zone.

Quantitative Assessment of the Test Results

This section discusses in a quantitative manner the experimental re-
sults for both test specimens. Emphasis is put on the beam-to-column
connection prequalification criteria according to AISC (2016b), the
assessment of the balanced design, and the measured column flange
localized deformations.

Prequalification Limits
According to AISC (2016b), beam-to-column connections under
a symmetric cyclic loading history should sustain beam end mo-
ment demands higher than 0.8Mpl (Mpl is the beam’s plastic mo-
ment resistance based on the nominal material properties) at the
second cycle of a lateral drift demand of 4% rad. Both beams of
Specimen 1 exceeded Mpl at 2% rad and reached nearly 1.4Mpl

at 8% rad. The computed peak connection strength factor, Cpr,
equals nearly 1.20 for both test specimens, versus the 1.4 that is
currently assumed for WUF-W connections as per AISC (2016a).
Collectively, after assessing the results from this and nearly
100 connection tests with dissipative panel zones (Skiadopoulos
and Lignos 2021), AISC-358-16 (AISC 2016a) seems to overesti-
mate the influence of strain hardening on WUF-W connections.

Balanced Design of WUF-W Connections
Fig. 12 shows for both test specimens the moments at the beam
ends at the column face location versus the beam chord rotations.
The associated chord rotations are calculated over the beam length
(i.e., from the column face to the load application point). The re-
sults are reported until the last loading excursion for which the de-
composition of deflections was deemed to be accurate (6% rad for
Specimen 1 and 49th excursion for Specimen 2). From this figure,
it is evident that the steel beams did not exhibit cyclic deterioration
in flexural strength, although they did experience modest flange
local buckling. This observation is important from a repairability
standpoint in the aftermath of earthquakes.

Fig. 13 depicts the contribution of the beams, the panel zone, and
the column to the total story drift ratio, θtot, for both test specimens.
Referring to Fig. 13(a), once inelastic deformations concentrated in
the panel zone (i.e., after 1% rad), its contribution increased from
40% to 50% and stabilized up until the onset of mild flange local
buckling in the beams at 5%–6% rad. Referring to Fig. 13(b), the
panel zones of Specimen 2 contributed nearly 10% more to θtot than
did Specimen 1. This is due to the influence of the loading protocol
on the onset of beam flange local buckling.

(a) (b) (c) (d)

Fig. 11. Panel zone deformation at characteristic loading excursions: (a) Specimen 1 at 4% rad; (b) Specimen 1 at 6% rad; (c) Specimen 2 at 6% rad
(near fault loading protocol); and (d) Specimen 2 at 10% rad (collapse consistent loading protocol).
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It can be concluded that the overall connection design was well-
balanced between the panel zone and the steel beams, regardless of
the employed loading history.

Column Flange Local Deformations
In both test specimens, a cantilever-like deformation mode was ob-
served in the panel zone kinking locations, causing column flange
localized yielding [Fig. 14(a)]. This deformation mode, which is
schematically illustrated in Figs. 14(b and c) is more prominent
when continuity plates are not deemed imperative. El-Tawil (2000)
found that this mode increases the fracture potential of beam-to-
column connections under cyclic loading near the beam web center-
line due to the resultant stress distribution over the flange width
[Fig. 14(b)].

To quantify the column flange local deformations, a horizontal
pair of LVDTs was placed at each kinking location [Fig. 6(c)] to
compute the rotation at the column flange extremity, θcf;local. More-
over, the displacement at the panel zone kinking locations, δcf;local

[Fig. 14(b)], was deduced from θcf;local, by conservatively assuming
that the column flange cantilever was under uniform load.

Fig. 14(d) depicts in a dual plot the computed peak θcf;local and
δcf;local at characteristic lateral loading excursions for Specimen 1.
Due to symmetry, the response in the northwest (NW) and
southeast (SE) panel zone kinking locations is nearly identical.
Similar findings hold true for the northeast (NE) and southwest
(SW) locations. Therefore, the peak values of these pairs (NW-SE
and NE-SW) are shown herein. The average of the two flange
plate rotations per kinking location is considered in the com-
putations. Positive values of θcf;local and δcf;local correspond to
column flanges being pulled by the adjacent beams [i.e., NE-SW
in Fig. 14(c)].

Referring to Fig. 14(d), the column flange local deformations are
consistent at both NW-SE and NE-SW locations, while their ampli-
tudes are, qualitatively, proportional to the imposed lateral drift
demands. At 2% rad and 4% rad lateral drift demands, θcf;local
equals nearly 0.5% rad and 1.0% rad, accordingly. The maximum

(a) (b)

(c) (d)

Fig. 12. Moments at the beam ends at the column face location versus beam chord rotations: (a and b) Specimen 1; and (c and d) Specimen 2.

(a) (b)

Fig. 13. Contributions of the panel zone, beams and column to the story drift ratio at characteristic lateral loading excursions: (a) Specimen 1; and
(b) Specimen 2.
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measured δcf;local equals 2.5 mm and is achieved at 6% rad. The re-
sults confirm that the column flange local deformations remained
relatively minor due to the flange thickness (tcf ¼ 70 mm) of the
employed column cross section; hence the AISC (2016b) require-
ments for continuity plates are deemed to be satisfactory. Similar find-
ings hold true for Specimen 2 but are not shown here due to brevity.

Performance of Beveled Backing Bars

In this section, the performance of the beveled backing bars is as-
sessed. Current prequalification requirements allow for top flange
backing bars to remain in place (AISC 2016a). The test results con-
firmed that this location did not experience any notable damage
at lateral drift demands associated with DBE and MCE events.
Similar observations hold true for the bottom beam flange beveled
backing bars, except for the east beam of Specimen 1, which

experienced ductile crack propagation at 8% rad lateral drift de-
mands. This remarkable bottom beam flange backing bar perfor-
mance was confirmed by macro-etching examination near the
beam web centerline, which is considered as the location with the
highest fracture potential.

Fig. 15(a) shows the deformed configuration of Specimen 2
after testing. Macro-etching results extracted from the east beam
bottom flange near the beam web centerline are highlighted in
Fig. 15(b). The results indicate that there was no crack initiating
from the weld root of the beveled backing bars, even at lateral drift
demands of 10% rad. By beveling the backing bar, potential flaws
that emerge during the welding process are kept away from the criti-
cal beam flange region. Therefore, the beam can sustain its probable
moment carrying capacity, because the beam flange area is not re-
duced. Moreover, the stress concentration near the backing bar
physical notch tips is substantially reduced by beveling the backing

cf,local cf,local

NW NE

SW SE

(a) (b)

(c) (d)

Fig. 14. (a) Column flange yield pattern; (b) schematic illustration of column flange local deformations; (c) locations of column flange local
deformation calculation; and (d) column flange local deformations at characteristic lateral loading excursions of Specimen 1.

(a) (b)

Fig. 15. Fractographic analyses of Specimen 2: (a) overview of the examined locations; and (b) macro-etching results at the east beam bottom flange
backing bar location.
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bar, because of the stress flow interruption. The stress concentration
near the backing bar-to-column face and the backing bar-to-beam
flange notch tips can be optimized based on the selected bevel angle
(Skiadopoulos and Lignos 2022a).

Effect of Loading History and Implications on
Predictive Modeling and Structural Collapse

Prior work (Krawinkler 1996, 2009; Lignos et al. 2011) has
stressed the influence of the loading history on the evaluation of
seismic demand and capacities of structural components. The same
issue has also been stressed for the development of acceptance
criteria for collapse prevention when assessing the seismic perfor-
mance of existing structures (Maison and Speicher 2016; Suzuki
and Lignos 2021). While the AISC symmetric cyclic loading pro-
tocol is generally conservative for structural component qualifica-
tion at lateral drift demands higher than 2% rad (Krawinkler 2009),
the experimental results suggest that the welded connections tested
herein exhibit a stable hysteretic response until a lateral drift de-
mand of about 8% rad.

The seismic performance of steel MRFs during low probabil-
ity of occurrence earthquakes tends to become asymmetric due to
ratcheting prior to structural collapse (Ibarra and Krawinkler 2005;
Lignos et al. 2011). In formal collapse risk assessment methodol-
ogies [e.g., FEMA (2009)] as well as system level simulation stud-
ies, the dynamic stability of steel MRFs is governed by global P-Δ
effects at lateral drift demands of 5% rad and above. Fig. 8(b) sug-
gests that even in cases where seismic demands become asymmetric
due to ratcheting, the welded connections exhibit a non-degrading
hysteretic behavior even at a lateral drift demand of 10% rad.

Ibarra and Krawinkler (2005) pointed out the role of strength
and post-peak strength deterioration (i.e., softening) of structural

components on the earthquake-induced collapse risk of MRFs.
In that respect, the testing program demonstrates that the welded
connections with highly inelastic panel zones remain stable through-
out the employed loading histories. Therefore, unlike steel MRFs
with elastic panel zone designs, the global collapse of steel MRFs
featuring welded connections with highly dissipative panel zones
such as those discussed in this paper is mostly controlled by the
destabilizing effects of the gravity load and not by component dete-
rioration. In that respect, Fig. 12 implies that simple bilinear models
suffice in this case for simulating the steel beam behavior even at
large lateral drift demands associated with collapse; hence, the in-
fluence of modeling uncertainties in component modeling at large
deformations, where the validity of currently available deterioration
models (e.g., Ibarra et al. 2005) may be questionable (Krawinkler
and Deierlein 2013), becomes negligible.

Ultimate Failure Modes

The experimental program highlighted that at 6% rad, the column
flanges started exhibiting localized yielding due to kinking near
their intersection with the beam flanges. The yielding zone pro-
gressed in an elliptical manner and maximized near the column
flange mid-width location, as illustrated in the finite element model
of Fig. 16(a) and in the east beam bottom flange of Specimen 1 of
Fig. 16(b). This localized yielding pattern, which is associated with
increased strain demands due to panel zone kinking, led to ductile
crack initiation and propagation that became evident at 7%–8% rad.
The cracks at the CJP weld toe of the east beam bottom flange ini-
tiated at the column flange, near the bottom backing bar at the beam
web centerline and propagated towards the column thickness and
longitudinal direction [Figs. 16(c and d)]. This ultimate failure mode,
which is described by ultra-low-cycle fatigue of the CJP weld toes at

Fig. 16. Kinking at the east beam bottom flange of Specimen 1: (a) illustration though finite element modeling; (b) localized yielding due to kinking
at 8% rad and crack pattern due to kinking at 9% rad; (c) side view; and (d) bottom beam flange view.
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the beam flange to column face connection, was also characteristic at
the beam top flange locations in both test specimens.

To identify the nature of this failure mode, fractographic analysis
was conducted with SEM at selected fracture surfaces of both test
specimens. Indicatively, Fig. 15(a) shows one of these locations (see
WT-A and WT-B). Fig. 17 shows characteristic SEM fractography
images from the fracture location near the west beam top flange
(WT) of Specimen 2. Referring to Figs. 17(a and b), the SEM sam-
ples were extracted from the column flange in the beam web center-
line where the fracture initiated and propagated throughout the
loading cycles. Location WT-A refers to the sample extracted from
the surface on the column side, whereas WT-B refers to the sample
extracted from the surface on the beam side. While the original
shape of the dimples cannot be accurately determined due to the
loading cycles that succeeded the fracture initiation, it is observed
that the dimples were of oblate shape [Figs. 17(c and d)], which is
characteristic of microvoids and coalescence (Kanvinde 2017). This
suggests that the origin of the ultimate failure mode observed in
both test specimens was indeed ductile crack initiation due to ultra-
low-cycle fatigue. Moreover, from the same SEM fractography
images, it appears that the direction of dimples is downward at
WT-A [Fig. 17(c)], whereas an upward direction appears at WT-B
[Fig. 17(d)]; hence, the crack growth is attributed to a localized
shear force due to column flange secondary bending at the kinking
locations [Figs. 16(a and b)], i.e., the presence of stress gradients.

Conversely, near the crack tip, the SEM fractography images
depict cleavage fracture that led to the loss of the load carrying
capacity of both test specimens during the final lateral loading ex-
cursions in both test specimens. However, in both test specimens,
cleavage was preceded by large-scale plastic flow and ductile crack
growth as discussed earlier.

The experimental results reveal that the ultimate failure modes
were consistent in both test specimens. While cracks did initiate
due to ultra-low-cycle fatigue, they were deemed to be stable and
did not compromise the overall stability of the welded connections
until large amplitude lateral drift demands (i.e., above 7% rad).
Evidently, from the point of noticeable crack initiation to the point
of loss of at least 50% of the lateral load carrying capacity of both
connections, these dissipated about one third of the total dissipated
energy.

Limitations of the Present Study

The present work comes with a number of limitations that should
be addressed in future studies. In particular, the presence of the
concrete slab raises the strain demands on the bottom beam flange,
thereby increasing the fracture potential at the beam flange-to-
column face welded connection (Hajjar et al. 1998; Kim and Lee
2017; Leon et al. 1998). In such case, the balanced design could
consider the maximum probable moment of the composite beam,
depending on the degree of composite action. Another aspect that
may lead to increased strain demands in the beam flange-to-column
face welded connection is the increased beam depth. However, con-
tinuum finite element studies demonstrated that, contrary to the
level of panel zone inelastic deformations, the use of deeper sec-
tions does not greatly affect the fracture potential when the pro-
posed concept is adopted (Skiadopoulos and Lignos 2022a).

All CJP welds were performed based on the GMAW. This weld-
ing process, which is similar to gas-shielded flux-cored arc weld-
ing (FCAW-G), is sensitive to the wind speed under which the
welds are performed. It is usually prohibited for field welds when

Fig. 17. Fractographic analyses of Specimen 2 west beam top flange-to-column face location: (a) sample extracted from the column flange
mid-width; (b) sample extracted from the beam flange mid-width; (c) scanning electron microscopy results at the column flange; and (d) scanning
electron microscopy results at the beam flange.
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wind speeds exceed 5 km=h (AWS 2016). A more typical welding
process for field welds is self-shielded flux-cored arc welding
(FCAW-S), which provides less arc action than FCAW-G. In Japan,
the current practice in field welding features GMAW. In this case,
both the welder and the welded connection are typically covered, to
minimize the influence of wind conditions during field welding.

Another issue to be stressed is the challenge of tracing disconti-
nuities through UT in welded connections when backing bars are
left in place. This is a concern especially in the beam web centerline
location (FEMA 2000; Paret 2000). On the other hand, Skiadopoulos
and Lignos (2022a) showed via continuum finite element simula-
tions that uncertainty in potential weld root discontinuities would not
compromise the connection performance in such a case. Also, the
beveled backing bar may be an interesting alternative to minimize
the fracture potential at the top beam flange-to-column face joints.

Finally, in the present study, the geometric tolerances during
alignment of beams and columns, of beam flange groove angles,
and of the backing bar geometry, were fully respected. The backing
bar groove angle may not always coincide precisely with the groove
angle of the beam flange. This issue should be further investigated.

Summary and Conclusions

This paper investigates experimentally the cyclic performance of
welded connections with highly dissipative panel zones and simpli-
fied weld details. Contrary to today’s prequalified beam-to-column
connections, the novel aspects of the explored welded connections
were: (1) a beveled backing bar configuration that was intention-
ally kept in place after the completion of the top and bottom beam
flange-to-column face CJP welds, (2) the exploitation of the stable
hysteretic response of panel zones in an effort to make welded con-
nections resilient to local buckling until a lateral drift demand of at
least 5% rad, and (3) the utilization of a column steel material with
minimum notch toughness requirements in the through-thickness
direction to prevent divot fracture in the column flange. Within such
a context, two nominally identical welded connections were tested
at full-scale with two loading histories. The first one was a reversed
cyclic symmetric loading protocol (AISC 2016b). The second was a
near-fault loading protocol (Krawinkler et al. 2000), which was fol-
lowed by a collapse-consistent protocol (Suzuki and Lignos 2020)
to benchmark the seismic performance of the welded connection at
incipient collapse, as well as excessive loading cycles of 0.2 rad
range to determine the ultimate failure modes of the connection.
The main findings are summarized as follows:
• At seismic demands representative of a design-basis earthquake

event (i.e., lateral drift demands of 2% rad), the welded connec-
tions experienced shear yielding in the panel zone and flexural
yielding in the beams. No visual signs of nonlinear geometric
instabilities, i.e., local buckling, were observed in the beam-to-
column connections. The panel zone shear distortions reached
4γy at 2% rad, as intended.

• At lateral drift demands representative of a maximum-considered
earthquake event (i.e., 3%–4% rad), the panel zone shear distor-
tions remained below 10γy. Panel zone kinking led to mild local-
ized yielding in the column flanges near the four panel zone
corners without compromising the connection’s performance.
The test results confirmed that the prequalification requirements
of AISC (2016b) were satisfied, because none of the welded
connections exhibited strength deterioration. From a repairabil-
ity standpoint, no visual structural damage was observed in the
welded connections at the same drift amplitude, regardless of
the employed loading protocol.

• Mild local buckling in the steel beams became visible after
6% rad under a symmetric cyclic loading protocol. At the same
lateral drift amplitude, the panel zones reached their targeted
inelastic shear distortions (15γy). The onset of local buckling in
the steel beams did not cause in-cycle strength/stiffness deterio-
ration to the connection. Local buckling in the steel beams was
further delayed in the case of the nonsymmetric lateral loading
history. Despite the severity of the symmetric cyclic loading his-
tory, at a lateral drift ratio of 6% rad no cracks were observed in
the welded connections.

• The experimental results suggest that the ultimate failure modes
were consistent in both test specimens regardless of the em-
ployed lateral loading protocol. At 7%–10% rad lateral drift de-
mands, ductile cracks initiated due to ultra-low-cycle fatigue
mostly at the column face, near the beam flange CJP weld root.
While this fracture mode mostly controlled the connection’s ul-
timate behavior, this was superior up until 9%–10% rad.

• The beveled backing bars did not exhibit any visible sign of
structural damage, even at lateral drift demands of 8% rad. This
is attributable to the optimal bevel angle design that minimized
the fracture potential near the backing bar notches. Another im-
portant reason was that the notch tip was kept away from the
beam flanges.

• For the panel zone resistance-to-demand design ratio,Rn;pl=Ru ¼
0.8, the panel zone and the beams participated nearly equally
in the energy dissipation of the welded connections throughout
the imposed lateral loading history. The experimental program
demonstrated that, at a lateral drift amplitude of 10% rad, the
welded connections can sustain panel zone shear distortions of
nearly 30γy.

• The experiments indicate that the absence of the continuity
plates did not lead to appreciable column flange local deforma-
tions due to the concentrated beam flange load. The column
cross section with 70 mm flange thickness did not allow for col-
umn flange relative deformations higher than 2–4 mm at 10%
rad lateral drift demands.

• Although deeper beam sections may increase the fracture poten-
tial in the welded connection, the fact that the selected beam
sizes were well below the current compactness limits for highly
ductile members is deemed critical for the CJP welds. The early
occurrence of beam local buckling in case of deep and slender
beam cross sections would localize the inelastic cyclic strain de-
mands within the dissipative zone of the beam(s), thereby reduc-
ing the demands in the CJP welds.
In the authors’ opinion, the experiments presented herein as well

as the overall research program demonstrate a tremendous potential
to further advance the associated technology of welded connections
for seismic applications in steel MRFs along with simplifications that
promote a more economic fabrication and simplicity in their design
process while ensuring superior energy dissipation capabilities.
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